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RESUME 
Les travaux presentes dans ce memoire etudient le comportement sismique des cadres a 
contreventement excentrique de grande hauteur (CCE) et les prescriptions actuelles de 
conception du Code National du Canada 2005 et de la norme d'acier CAN/CSA SI 6-
01(S16Sl-05). Les CCE de type chevron avec poutres de liaison qui plastifie en 
cisaillement ont ete congu pour des bailments ayant quatorze, vingt et vingt-cinq etages 
situes a Montreal et Vancouver, qui representent les conditions sismiques typiques pour 
Test et pour l'ouest de l'Amerique du Nord. Pour chaque emplacement, l'importance des 
differents criteres de conception est discutee. Les demandes reliees aux exigences de 
conception generate commela resistance, la rigidite et la stabilite globale ont ete 
comparees a la demande exigee selon la conception par capacite. H a ete decouvert que 
les exigences de ductilite ne controlent pas la conception. En utilisent l'agrandissent de la 
masse structurale comme indicateur, il a ete etablis que pour Vancouver l'exigence du 
deplacement inter-etages inelastiques gouverne la conception du cadre, tendis ce que pour 
Montreal il est critique d'assure la stabilite globale du cadre. Contrairement aux 
differences significatives relatives au cisaillement sismique de conception a la base, la 
masse de la configuration finale pour la meme hauteur de cadre a ete quasi identique. 
Suite a ces decouvertes, la sequence appropriee de conception a ete suggeree pour des 
zones avec activite sismique haute et moderee. L'impact de la distribution de la force 
sismique lat6rale (statique equivalente ou distribution spectrale) dans la selection des 
membrures a ete aussi investigue. II a ete demontre que les deux distributions conduisent 
a des selections de membrures similaires. 
La reponse sismique des cadres a ete investiguee en utilisant des analyses non lineaires 
temporelles pour evaluer si les procedures de conception amenent a la reponse souhaitee 
du cadre. Les analyses ont ete effectuees pour le set de seismes calibres en concordance 
avec le spectre de conception pour les emplacements etudies. La reponse de la poutre de 
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liaison a ete enregistree en utilisent les forces normalisees de cisaillement de la poutre de 
liaison et les rotations inelastiques en cisaillement. Le comportement global du cadre a 
ete observe a travers le comportement des segments exterieurs des poutres et des 
diagonales, des forces axiales et des moments dans les poteaux, le profile de la force 
sismique, les profiles des deplacements inter-etages et la relation entre le deplacement 
inter-etage total et la rotation inelastique de la poutre de liaison. La performance sismique 
des structures situees dans l'ouest du Canada a ete trouvee adequat, a 1'exception des 
etages superieurs ou les deformations plastiques excedent les deformations envisagees 
dans la phase de conception. L'ampleur de la sur-resistance, introduite pendent la phase 
de conception pour les structures localisees dans Test du Canada, a entraine des 
exigences de ductilite reduites dans les poutres de liaison et a conduit a des cadres moins 
efficients de point de vue sismique. 
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ABSTRACT 
The study presented in this thesis investigates the seismic behavior of taller eccentrically 
braced frames (EBFs) and current Canadian design procedures specified in 2005 National 
Building Code of Canada and steel design standard CAN/CSA S16-01(S16Sl-05). 
Chevron-type EBFs with shear-critical links were designed for fourteen-, twenty- and 
twenty-five storey buildings in Montreal and Vancouver, representing typical eastern and 
western North-American seismic conditions. For each design location the importance of 
different design criteria is discussed. The demands related to the general design 
requirements such as strength, stiffness and the global stability were compared to the 
demand imposed by the capacity design. It was found that ductility requirements did not 
control design. Using an increase of the structural mass as indicator it was established 
that for Vancouver total inter-storey drift requirements governed frame design while for 
Montreal ensuring the global frame stability was critical. In spite of the large differences 
in seismic design base shears, the mass of final designs for the same frame height were 
almost identical. In view of these findings, the appropriate design sequence was 
suggested for zones with higher and moderate seismic activity. The impact of lateral 
force distribution (equivalent static or spectral distribution) on member selection was also 
investigated. It was shown that both distributions yielded similar selection of frame 
elements. 
The seismic response of the frames was investigated using the non-linear time-history 
analysis to assess if the design procedures achieved desired frame response. The analyses 
were done for the sets of earthquake records calibrated to match design spectra at studied 
locations. The link response was monitored through maximum normalized link shear 
forces and inelastic shear rotations. The global frame behavior was observed tracing the 
behavior of the outer beams segment and braces, the axial forces and moments in the 
columns, the seismic force profile, inter-storey drift profiles and the relationship between 
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the total inter-storey drifts and the inelastic link rotations. The seismic performance of the 
structures situated in west of Canada was found to be adequate, except for the top storeys 
where the plastic deformations exceeded the deformations predicted in the design. The 
extent of seismic overstrength introduced during the design phase for the structures 
located in the eastern Canada caused the ductility demands in the links to be reduced and 
lead to seismically less efficient frames. 
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CONDENSE EN FRANCAIS 
Le cadre a contreventement excentrique (CCE) est un systeme de resistance aux charges 
laterales economique et efficace. La dissipation dvenergie sismique pour ce systeme est 
realisee a travers la plastification en cisaillement et/ou flexion dvun segment special de 
poutre nomme lien de la poutre. Les autres elements du cadre, les parties externes de 
poutres les diagonales et les colonnes seront congues pour rester elastiques pendant 
Tactivite sismique. 
Les principaux objectifs de ce projet etaient d'etudier la performance sismique pour les 
cadres a contreventement excentrique de grande hauteur, etablir 1'importance de 
differentes regies de conception et les caracteristiques de conception pour Test et l'ouest 
du Canada, d'investiguer la necessite de limiter la hauteur de CCE et valider la procedure 
de calcul du CAN/CSA-S16S1-05 pour la rotation inelastique du lien de poutre. 
Les etudes anterieures documentees dans la litterature ont principalement investigue des 
cadres a basse et moyenne hauteur, congues pour l'ouest du Canada. Les analyses 
dynamiques indiquent que le comportement souhaite du cadre n'a pas ete obtenu tout le 
temps. Les liens dans les etages superieurs ont developpe de plus grandes deformations et 
plus grands efforts de cisaillement qu'anticipe dans la conception. Le CNBC2005 impose 
des limitations de hauteur pour certains systemes utilises dans les applications sismiques. 
Un des objectifs de ce projet est d'investiguer la necessite de limiter la hauteur de CCE 
pour empecher les phenomenes d'etage faible. 
Les cadres de grande hauteur developpent des larges deformations et en consequence 
assurer la rigidite et la stabilite du cadre devient un critere de conception important. 
Les regies de conception canadiennes anticipent une grande ductilite dans les liens, 
comportement qui est peu probable dans les zones de moderee et basse sismicite. Dans 
vm 
ces zones, la conception peut etre gouvernee par d'autres exigences que la ductilite. Alors, 
il est important d'etablir quelles sont les exigences qui gouvernent la conception pour 
Test et l'ouest du Canada. 
Les CCE sont le seul type de cadre en acier pour lequel l'explicite verification de la 
ductilite doit se faire dans la phase de conception. La rotation inelastique du lien est 
calculee base sur des estimees de deplacements inter etages qui sont calcules en utilisant 
les deplacements inter etages elastiques et en appliquant le principe des deplacements 
egaux. Plus des donnes seront necessaires, incluent celles des cadres de grande hauteur 
pour proposer une approche plus realiste de verification de la ductilite. 
La methodologie suivante a ete appliquee : 
• Revue de litterature : etudes anterieures, normes de conception 
• Pour chaque ville selectionnee, deux differentes conceptions pour cadres aient 14, 
20 et 25 etages, ont ete effectue a fin d'evaluer P impact de la distribution de la 
force sismique laterale dans la selection des membrures 
• Selection et calibration d'ensemble des seismes qui seront utilises dans les 
analyses dynamiques 
• Des analyses temporelles non lineaires : resultats et interpretation 
• Conclusions et recommandations 
La majorite des etudes analytiques menees a ce jour, ont ete effectue pour des cadres de 
faible a moderee hauteur, situee dans des fortes zones sismiques. Les dispositions des 
codes canadiennes et americaines refletent dans la conception par ductilite ces etudes. 
Aussi, les structures mentionnees ont ete concues en debutant avec la conception par 
ductilite, comme il a ete observe que pour les cadres moderement eleves, la ductilite 
domine les exigences de la conception, et ensuite les cadres ont ete verifies pour la 
resistance et la rigidite. Le but de cette etude est d'investiguer l'importance des 
differentes etapes de conception dans le cas des structures de grande hauteur. 
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Plusieurs etudes anterieures adressent le comportement des cadres a contreventement 
excentrique et en particulier le comportement cyclique des liens. La configuration et les 
proportions initiales du cadre sont basees sur des considerations trouvees dans la 
litterature comme: la position des diagonales dans le cadre, Tangle entre la diagonale et la 
poutre exterieure, la longueur du segment de lien. Le type de CCE utilise dans cette etude 
a le lien place au centre de la poutre (type Chevron) entre les points de la connexion 
poutres diagonales. L'etude presente se concentre sur des CCE avec des liens qui 
plastifient seulement en cisaillement. Plusieurs chercheurs recommandent cette 
configuration pour le comportement inelastique stable du lien de poutre. 
Le developpement theorique de l'element lien de poutre est base sur l'approche proposee 
par Ricles et Popov (1987b, 1994). Leur formulation de l'element lien predit avec succes 
le comportement en flexion et en cisaillement du lien. Le modele comprend la 
plastification en cisaillement et en flexion et tient compte d'un ecrouissage anisotrope, oil 
le durcissement combine cinematique et isotrope survient pendant la plastification en 
cisaillement, et seulement le durcissement cinematique pour la plastification en flexion. 
L'element est constitue d'un seul element poutre lineaire elastique, avec des rotules 
plastiques non lineaires a chaque extremite (Figure 2.3). Les deformations plastiques de 
l'element sont retenues a la fin de l'element dans les rotules plastiques, ou la deformation 
de cisaillement et de flexion a lieu. Le comportement des rotules plastiques est decrit a 
travers une relation rigide - plastique force deformation et moment - rotation. La relation 
multilineaire utilisee pour la rotule plastique ( Figure 2.5) a ete adoptee de Ricles (1994) 
et elle a ete calibree en fonction des essais experimentaux recemment effectues pour 
l'acier ASTM A992 (Okazaki et al. 2004; Okazaki et al. 2005). 
La methodologie de conception par capacite utilisee dans cette etude est adoptee de 
Popov (1988, 1989) et le Kasai- (1997a). Pour les CCE la conception par capacite assume 
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deux etapes differentes : la premiere est de dimensionner le lien pour les charges 
anticipees selon sa resistance ponderee et la deuxieme assume de dimensionner les autres 
membrures pour la resistance probable du lien, resistance probable du lien qui incluant 
l'ecrouissage du lien. 
La premiere etape est la selection des liens de poutre : des sections pour les liens qui 
devaient etre class 1 pour l'ame et class 1 ou 2 pour les ailes. Le lien qui plastifie en 
cisaillement sera choisi tel que la longueur du lien e < 1.6Mp/Vp. et que la resistance 
ponderee (Vr=(|) 0.55 wdFy ) de la section soit superieure a la charge sismique du CNBC. 
Pour la rotation inelastique du lien le CAN/CSA-S16-05 precise une limite de 0.08 rad 
pour le lien plastifie en cisaillement. Dans le but de calculer cette rotation nous devrons 
utiliser un deplacement inelastique qui est precise dans la norme comme etant egal a 3 
fois le deplacement elastique, deplacement qui est determine pour les charges sismiques 
ponderees de conception. 
Dans une deuxieme etape on procede a : 
• La conception des diagonales et poutres hors lien selon les charges amplifiees du 
lien, VuWme = Vr*Ry* 1/ (J) *1.30, ou Vr est la resistance ponderee du lien; 
• Et la conception des colonnes selon les charges amplifiees du lien, avec un facteur 
d'ecrouissage de 1.30 pour les deux etages superieurs et 1.15 pour tous les 
autres etages. Les colonnes seront congues pour leur capacite axiale en utilisent 
les formules montrees : 
Cf/Cr < 0.65 pour la section de colonne du toit, pas d'effet cumulatif des 
efforts transmis par les liens. 
Cf/Cr < 0.85 pour les autres sections de colonne, il est anticipe qu'un effet 
cumulatif des efforts transmis par les liens est moins probable a se 
produire pour touts les liens. Les liens ne seront pas tous plastifies dans le 
meme temps. 
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Les batiments etudies dans ce projet ont ete concus pour deux sites (Vancouver et 
Montreal) et trois hauteurs de cadre : 14, 20 et 25 etages. Les plans typiques et les 
elevations pour les trois hauteurs des cadres utilises sont presentes dans la Figure 3.1. 
Les CCE sont places symetriquement dans le noyau central du batiment, deux dans 
chaque direction, ce qui permet 1'analyse independante dans chaque direction. Les 
cadres ont des portees de 9 m, avec des hauteurs des etages type de 3.7m sauf le 
premier etage qui a 4.5m. La longueur du lien a ete etablie a 800 mm suite aux etudes 
parametriques. 
La procedure de conception implique la verification de differents criteres de 
conception tels que : la resistance, la rigidite, et la ductilite. Pour optimiser le 
processus de conception, il est souhaitable d'utiliser la sequence qui necessiterait le 
moins de modifications entre les differentes phases de conception. Base sur des 
processus de conception discutees dans la litterature et tenant compte du fait que la 
conception ce fait pour des cadres de grande hauteur (done une plus grande 
importance des deplacements), la sequence suivante des phases de conception a ete 
choisi: 
• Selection initiale du lien, basee sur des criteres de conception ductiles. 
• Avec les sections de poutres imposees, le choix des autres membres du cadre est 
fonde sur des criteres de resistance. 
• Les sections des membrures du cadre sont verifiees pour la rigidite et la stabilite 
et des modifications sont effectuees si necessaire. 
• La stabilite globale de l'CCE est verifiee au moyen d'une force sismique laterale 
amplifiee avec les effets P-A. 
• Les poutres exterieures, les diagonales et les colonnes sont ensuite verifiees pour 
la capacite en cisaillement des liens. 
• Les rotations inelastiques des liens sont calculees et comparees avec les limites du 
code. 
Xll 
Les liens doivent etre selectionnes pour une resistance inelastique en cisaillement aussi 
proche que possible de la force de cisaillement induite par les charges sismiques 
ponderees. Les Tableaux 3.7 et 3.8 indiquent les valeurs de a (alpha) qui est le ratio de la 
resistance du lien divise par la charge sismique ponderee dans le lien. Le facteur alpha 
devrait etre aussi proche que possible de l'unite, pour minimiser la sur resistance dans le 
lien et alpha doit etre garde constant sur la hauteur du cadre pour assurer des 
deformations inelastiques uniformement reparties. Le facteur alpha a des valeurs plus 
grandes dans le cas de Vancouver parce que le choix des liens est gouverne par les 
charges de gravite ou les forces sismiques dans les etages superieurs, et les forces du vent 
dans le milieu et a la base du cadre. Les structures situees a Montreal ont des valeurs plus 
grandes du facteur alpha en raison des forces du vent qui controlent la conception dans le 
milieu du cadre et les etages bas ou par les forces de gravite dans les etages superieurs. 
Une fois que les sections des liens ont ete choisies, les sections des poutres a l'exterieur 
des liens ont ete fixees et la conception des autres membres a ete realisee a l'aide du 
logiciel Visual Design. La conception a ete effectuee sur un modele 2D du CCE. Les 
membres du cadre sont determines afin d'obtenir une structure avec une resistance 
suffisante pour toutes les combinaisons de charges. La combinaison de charge critique est 
differente pour les structures situees dans Test ou l'ouest du Canada. Pour Vancouver, la 
combinaison des charges qui controle la conception est generalement la combinaison des 
forces sismiques, tandis qu'a Montreal les combinaisons avec les charges de gravite ou 
les charges de vent dominent la selection des membres. 
Dans l'etape suivante, les deplacements inter - etages totaux ont ete verifies par rapport a 
la limite du code 0.025 hs, verification effectuee pour les combinaisons de charge 
sismique. Les deplacements dus aux charges de vent ont ete verifie par la suite, pour que 
§a soit plus petites que 1/500 hs. Les sections selectionnees a la fin de cette phase de 
conception sont indiquees dans les tableaux 3.9 a 3.14. Les sections presentees sont celles 
qui satisfont les limites de deflexions pour la combinaison de la charge sismique, car 
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l'augmentation de la masse en raison de conditions de vent est pratiquement negligeable. 
Pour toutes les structures, quel que soit l'emplacement geographique du batiment, les 
valeurs maximales des deplacements ont ete observees dans les etages superieurs. 
Pour verifier la stabilite globale de la structure, deux methodes sont utilisees dans le 
present projet: (i) une procedure iterative dans laquelle les charges horizontales sont 
amplifiees en fonction des deplacements developpes a chaque etage et (ii) la procedure 
NBCC 2005 dans laquelle un facteur de U2 est calcule a l'aide d'une procedure d'une 
seule etape et comparee a une valeur maximale admissible. Pour satisfaire les exigences 
de la stabilite globale, il etait necessaire de modifier toutes les membrures du cadre y 
compris les liens. Alors que les modifications des liens de poutres ont ete requises que 
localement, une augmentation significative des sections de colonnes et de diagonales a 
ete necessaire pour controler les deplacements et l'amplification des forces provoquees 
par les effets P-A. Les valeurs du coefficient de U2 ont ete calculees sur la structure 
obtenue apres le calcul des forces P-A, en utilisent ces forces sismiques amplifiees. 
Plusieurs modifications de sections ont ete necessaires pour maintenir la valeur de U2 
dans la limite du code. 
La derniere etape de la procedure de conception est la conception par capacite du cadre. 
La conception par capacite a ete choisie comme derniere etape parce qu'on pense que les 
etapes precedentes (c'est-a-dire la resistance, la rigidite, la stabilite) sont plus exigeantes 
dans le cas des cadres de grande hauteur. Les formules pour determiner les forces dans 
chaque type d'element sont examinees en detail dans la memoire. Etant donne que les 
liens de poutre ont ete choisis du debout en considerant les criteres de conception par 
capacite, il reste a verifier seulement les capacites des autres elements. Uniquement les 
diagonales a la base de la structure devaient etre modifiees, tandis que les colonnes ont 
des grandes reserves de resistance a cause des autres criteres de conception consideres 
avant. La derniere verification de la conception par capacite est la rotation inelastique du 
lien, qui est calculee a partir des deplacements elastiques inter etages obtenus d'une 
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analyse statique sur les charges sismiques amplifies. Les valeurs de la rotation inelastique 
du lien sont calculees base sur les deplacements inter etages qui exclu les deformations 
axiales des colonnes, ce qui explique les valeurs de gamma plus petites au sommet des 
cadres. 
Les masses structurales obtenues en differentes etapes de conception pour tous les cadres 
sont en ordre croissant pour la suite des phases de conception choisie. On voit une 
difference significative entre les masses de la phase de resistance et rigidite pour les 
structures a Vancouver, done on conclu que la rigidite est l'etape de conception critique 
pour Vancouver et une grande augmentation de masse entre la phase de rigidite et 
stabilite pour les structures a Montreal, qui nous amene a dire que l'etape critique pour 
Montreal est la stabilite. 
Une deuxieme conception en utilisant la distribution spectrale de la force sismique a ete 
effectuee. Les analyses spectrales pour obtenir la force sismique ont ete realisees en 
utilisant des modeles 3D dans le logiciel Visual Design. Les etapes de conception decrites 
auparavant ont ete suivies et les CCE congu pour la distribution spectrale de la force 
sismique sont comparees avec les cadres congus dans la conception initiale avec une 
distribution empirique de la force sismique. Les differences observes sont mineures et on 
peut conclure que pour les CCE de grande hauteur la distribution de la force sismique sur 
la hauteur du cadre n'influence pas la selection des sections de membrures. 
Deux etudes de sensibilite ont ete effectuees dans cette etape : la premiere pour etablir la 
sensibilite de la distribution spectrale aux modes superieures de vibration, et la deuxieme 
a la selection des membrures du cadre. 
• Influence des modes superieures, qui sont plus evidentes dans le cas de Montreal. 
On peut observer 1'influence significative de premier et deuxieme mode, et 
moindre a partir de troisieme mode. 
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• L'influence de la selection des membrures dans la configuration du cadre est 
observee en comparent les forces spectrales de 3 cadres differents: 
1. Structure 1 dans laquelle les diagonales et les colonnes sont choisies sur le 
critere de resistance. 
2. Structure 2 les diagonales et les colonnes entierement compatibles avec 
toutes les exigences de conception. 
3. les memes sections pour toutes les diagonales et les colonnes, identiques a 
ceux qui sont choisis au premier etage de la structure 1 
On observe des influences mineures dans le profil spectral. 
Les observations concernant la conception sont les suivantes : 
• La sequence de conception etablie (resistance, rigidite, stabilite et conception par 
ductilite) est jugee appropriee pour la gamme de hauteurs de cadre et les lieux 
etudies. 
• Pour les batiments, a Vancouver, le deplacement inelastique inter etages est le 
critere de conception principal (A < 0.025hs). 
• Pour les batiments, a Montreal, le critere critique de conception, la verification de 
la stabilite, a ete gouverne par l'obligation de limiter le coefficient de U2 a la 
limite du CNBC. 
• Dans la phase de conception par capacite, seules les diagonales situees a la base 
des structures ont ete modifiees. 
• La verification des rotations inelastiques du lien n'a pas ete un critere critique 
dans la conception des cadres. 
• La variante de la conception en utilisant la distribution spectrale de la force 
rapporte des configurations de cadres presque identiques. Les configurations 
semblables des cadres sont justifiees par le fait que des criteres de conception 
comme la rigidite et la stabilite globale gouvernent la selection des membrures. 
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Aux fins de cette etude, 10 seismes historiques et 10 artificiels ont ete selectionnes pour 
la ville de Vancouver et 10 seismes artificiels pour Montreal. Les seismes representent 
des combinaisons de magnitude et des distances epicentrales qui contribuent le plus 
significativement au risque sismique de l'emplacement choisi. Les seismes artificiels sont 
choisis a partir de la base de donnees d'Atkinson et l'ensemble de dix records historiques 
a ete selectionne a partir de la base de donnees PEER. La calibration des seismes 
historiques: a ete effectue a l'aide d'une methode hybride qui consiste en : obtenir une 
aire sous le spectre identique a celui du CNBC sur une periode determinee par 
l'utilisateur (variable). En general deux plages de periodes structurales 0.2 a 1.0 sec et 1.0 
sec a 2.5 sec ont ete choisies. La calibration se fait basee sur l'egalite des aires (intensite 
spectrale) calculees en dessous de la ligne du spectre de reponse. 
Les analyses temporales non lineaires ont ete realisees avec le logiciel ANSR1, dans 
lequel les liens seront modelises comme des elements elastiques dans la partie centrale 
avec une rotule inelastique a chaque extremite, incluant l'ecrouissage. La rotule plastique 
est composee des 3 sous rotules plastiques qui permettent d'obtenir la relation 
cisaillement - rotation appropriee. Les poutres seront modelisees comme des elements 
poutre - colonne inelastiques. Les diagonales et les colonnes seront modelisees a l'aide 
des elements poutre - colonne elastiques. La methode d'analyse employee est la methode 
de 1'acceleration constante moyenne de Newmark. 
Les analyses dynamiques ont ete effectuees et les suivantes parametres de reponse 
sismique ont ete etudiees : 
• Les rotations inelastiques maximales des liens (ymax) 
• Les forces de cisaillement dans les liens normalises 
• Les deplacements totaux inter etages 
• La force sismique laterale 
• Le comportement des autres membrures du EBF et 1'amplitude des efforts 
developpes dans ces membrures 
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• La relation entre le deplacement total inter etage et la rotation inelastique de lien 
Pour quantifier le comportement inelastique des liens deux parametres ont ete etudies : 
les rotations inelastiques maximales des liens et les forces de cisaillement dans les liens 
normalises. Les rotations inelastiques maximums des liens pour les structures de 
Vancouver sont toutes allees au-dela de la limite de code dans les etages superieurs et 
parfois dans les etages bas, tandis que dans les autres etages les rotations developpees 
sont inferieures a la limite de 0.08 radian. On observe le depassement de la limite du code 
pour le 50-eme percent des resultats dans le cas de la structure de 14 etages Vancouver. 
Les rotations inelastiques maximales des liens (ymax)- pour les structures a Montreal sont 
en general autour de O.Olrad, a l'exception des derniers etages ou les rotations atteindrent 
environ un tiers de la limite de code, soit 0.03 radian. 
Les forces de cisaillement normalisees dans les liens sont calculees comme Vmax/Vp et 
sont presentes dans des graphiques. Le facteur d'amplification de la force developpee 
dans le lien a ete trouvee a proximite de la valeur recommandee dans le standard CAN / 
CSA SI6-05 de 1.30 avec des depassements faibles aux derniers etages pour toutes les 
trois structures situees a Vancouver. Pour les structures a Montreal les facteurs 
d'amplification de la force de cisaillement dans les liens attendent la valeur recommande 
dans le code de 1.30 seulement aux derniers etages, et pour le reste des liens on observe 
des valeurs autour de 1.0 ou moindres, ce qui veut dire que les liens restant elastiques. 
Les deplacements inter etages totaux ont la meme tendance que les rotations inelastiques 
de liens : des valeurs plus elevees pour les structures situees a Vancouver, en particulier 
aux derniers etages et des valeurs faibles pour les structures a Montreal. Les profils de la 
force sismique laterale obtenus des analyses temporales ont ete compares avec les forces 
laterales empiriques et spectrales. Une ressemblance plus pres est observee avec la force 
spectrale qu'avec la force empirique et aussi des differences importantes avec les deux 
profils des forces pour les derniers etages et les etages bas du cadre. Le profile de la force 
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dynamique pour les structures a Montreal, est moins lisse que celles des forces spectrales 
et statiques, caracteristique plus evidente due a rinfluence des modes superieures de 
vibration. 
Les reponses de poutres, les diagonales et les colonnes ont ete analysees en detail afin de 
localiser l'activite inelastique des membrures et pour valider les specifications du code 
concernent la conception par ductilite. Le comportement des autres membrures du CCE 
peut etre resume comme suite: 
• L'activite inelastique dans les poutres a l'exterieur du lien est tres faible et elle est 
presente seulement dans le cadre de 14 etages a Vancouver. 
• L'activite inelastique dans les diagonales et colonnes est isolee et elle se produise 
sans developpent des larges rotules plastiques dans ces elements. 
• Les efforts dans les diagonales ont des valeurs plus grandes que celles estimees 
dans la phase de conception. 
• Les colonnes dans les structures situees a Vancouver developpent des moments 
flechissants plus grands que les valeurs estimees dans la conception pendent que 
les colonnes pour les structures a Montreal ont des moments plus petits que 
prevu. 
Une relation entre Amax (deplacement total inter etages) et ymax (rotation inelastique 
du lien) a ete etabli dont la formule est pressente : 
A/hs=0.10y+0.0033 
Cette formule represente une moyenne entre les resultats des structures analysees. La 
formule est basee sur un mecanisme plastic - rigide et pour lequel le point de la 
premiere plastification est situee a un index du deplacement inter etage de 0.33. Des 
graphiques exposent la comparaison entre les resultats de l'analyse dynamique et les 
previsions de la rotation inelastique du lien en cisaillement a l'aide de la formule 
enoncee. Une bonne et conservative prediction pour les valeurs de gamma est 
observee. 
XIX 
Les conclusions concernant la conception et 1'analyse dynamique sont les suivantes : 
• La sequence conception adoptee (selection du lien, resistance, rigidite, stabilite et 
conception par capacite) de a ete etablie comme etant le plus approprie. 
• La conception par capacite n'est pas un critere critique dans la conception 
sismique des CCE (EBF) de grande hauteur. La modification des sections du 
cadre n'est pas necessaire pour se conformer au critere impose sur la rotation en 
cisaillement du lien. 
• Les criteres de rigidite et de stabilite peuvent influencer significatif la conception. 
• Les deux distributions des forces (statiques et spectrales) donnent des 
configurations des cadres presque identiques. 
Dans l'ensemble la performance sismique des grandes CCE (EBF) est satisfaisante, a 
1'exception : 
• Les liens dans les etages superieurs qui ont des deformations plus grandes que 
prevu dans la phase de conception. 
• La plastification dans les autres membrures de CCE, plastification qui est par 
contre limitee et confinee a certains etages. 
• Les moments de flexion developpes dans les colonnes de la structure situee a 
Vancouver sont plus eleves dans les etages superieurs que les valeurs estimees 
dans la phase conception, valeur qui est egale a 0.3Mp. 
• Les structures a Montreal n'ont pas atteint le niveau prevu de la performance 
sismique. 
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CHAPTER 1. INTRODUCTION 
1.1 Problematic 
The development of the earthquake engineering field has increased the necessity to use 
structural systems that can provide significant ductility. The eccentrically braced frame 
(EBF) is an effective and economical seismic resistant system which stands out among 
other conventional steel framing systems by the extraordinary combination of high 
ductility, stiffness and strength. Some typical configurations of EBFs are illustrated in 
Figure 1.1. The system is detailed so as to provide energy dissipation through the shear 
and/or flexural yielding of a special segment of the beam called link, thus limiting the 
forces transmitted to the other elements of the structure. In the chevron-type EBF, which 
is the object of the present study, links are centrally placed between the brace-to-beam 
connection points. Under seismic solicitation all the other frame members, including 
outer beam segments, braces and columns are expected to remain elastic. The elastic 
braces contribute significantly to the high rigidity of this system. 
Previous studies reported in literature investigated mainly the response of lower to 
medium height EBFs (four to fourteen storeys) designed for western North-American 
locations. It was shown that, for the regions with higher seismicity, it was possible to 
obtain efficient designs. In general, frame members were highly utilized while providing 
adequate structural strength, stiffness and ductility. Non-linear time-history analyses 
suggested however that desired frame behavior was not always obtained; links in the 
upper storeys developed higher shear forces and deformations than anticipated in design, 
columns, braces and outer beam segments showed inelastic behavior and the total inter-
storey drifts remained well bellow the values predicted in design. 
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Little information on the behavior of taller EBFs can be found in literature. Such frames 
would normally experience larger deflections under lateral loading and thus, providing 
the adequate stiffness and global structural stability could become an important design 
consideration. On the other hand, Canadian design requirements anticipate severe 
ductility demand in yielding links, the behavior that is not probable to be obtained in 
zones with moderate or lower seismic activity. In such zones design could be governed 
by wind or gravity loads. Consequently, it is expected that taller EBFs will be differently 
proportioned compared to the lower EBFs which might significantly alter their seismic 
behavior. It is therefore necessary to study the seismic response of taller EBFs, both for 
western and eastern North-American seismic conditions and establish to which extent 
current design procedures achieve desired behavior and how the building height 
influences the seismic response. 
National building Code of Canada (NBCC 2005)imposes limitation of height for the 
number of seismic load resisting systems, such as for instance concentrically braced 
frames or the shear walls. These limits were defined in response to the results of studies 
which indicated that large concentration of plastic deformations occurred only in one or 
two storeys (soft storey formation) when certain height of the structure was exceeded. 
Although the similar observations were reported in literature for EBFs, no limitation of 
height is defined for EBFs. On the other hand, it is well known that the increase in the 
number of floors in a building will lead to an exponentially increase in the quantity of 
steel, thus questioning the effectiveness of the selected framing system to provide 
sufficient resistance to wind and earthquake loads with the minimum steel quantity 
possible. It is therefore of interest to conduct a detailed study of the non-linear seismic 
behavior of taller eccentrically braced frames and establish if height limits are necessary 
for this structural system. 
The eccentrically braced frames are also the only traditional steel seismic resisting system 
for which the explicit verification of ductility has to be done at design stage. This 
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verification is done by estimating the link inelastic rotations using the empirical formula 
provided in CAN/CSA-S16S1-05 and comparing the obtained values to the limits 
prescribed by the same standard. The procedure for the calculation of the inelastic link 
rotation is based on the assumption of the development of a rigid-plastic mechanism, and 
uses the estimates on total inter-storey drifts. The latter are calculated simply by 
multiplying the elastic inter-storey drifts by the factors Ro and Ra. Previous studies on 
EBFs of lower to medium height showed the strong positive correlation between the 
maximum values of total inter-storey drifts and maximum inelastic shear rotations. 
However the relations between elastic and total inter-storey drifts were poorly predicted. 
More scientific data is required including those for taller EBFs in order to propose a more 
rational approach to perform ductility verifications. 
1.2 Objectives 
The main objectives of this research project are: 
• Study the seismic response of tall EBF's designed following the Canadian design 
requirements and thereby validates design procedures for taller EBFs. It is 
anticipated to give recommendations on the most appropriate design sequence for 
this type of the structures 
• Investigate the differences in the design and seismic behavior of the structures 
situated in west and east of Canada. 
• Evaluate the necessity to define height limits for eccentrically braced frame 
systems. 
• Validate the CAN/CSA-S16S1-05 procedure for the calculation of the link 




To accomplish the above objectives, buildings having 14, 20 and 25 storey were designed 
and analyzed for two locations: Vancouver to represent a strong seismic zone and 
Montreal for moderate seismic zone. The 14 storey structures were studied in greater 
detail to validate a number of assumptions used in the design process. The following 
methodology was applied: 
A comprehensive literature review was performed including the past experimental 
and analytical studies carried out on eccentrically braced frames, the seismic 
provisions of the 2005 National Building Code of Canada and the seismic design 
requirements of CAN/CSA-S16S1-05; 
For each selected location, two variant designs for 14, 20 and 25-storey frames 
were done to evaluate the impact of lateral seismic force distribution on member 
selection. The load profiles studied, both prescribed by NBCC 2005, included the 
one obtained from equivalent static force procedure as well as 3D response 
spectrum analysis. 
An ensemble of seismic ground motions specific for the west and east of Canada 
was selected, including 14 historic accelerograms. The ground motion were scaled 
to represent the design level specified in the NBCC 2005 and subsequently used 
to perform the nonlinear dynamic analyses; 
Nonlinear time history analyses were performed on the designed EBFs, to study 
their seismic performance and validate ductility requirements given in Canadian 
design standards. A special attention will be given to the inelastic link rotation -
total inter-storey drift relation (y-A relation) to assess the validity of the relation 
recommended in the code CAN/CSA-S16S1-05 for the tall EBF. 
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1.4 Organization 
This thesis consists of six chapters. The first chapter presents the problem statement and 
sets the objectives and the methodology for the study. The second chapter provides the 
background on the development of seismic design and analysis of eccentrically braced 
frames and outlines Canadian design requirements for this specific structural system. In 
the third chapter, the design of six frames studied is presented and the appropriate design 
sequence is proposed. The sensibility of design to the choice of lateral load distribution is 
discussed. The fourth chapter describes the methodology used to select and scale the 
ground motions and presents the modeling used to carry out nonlinear time-history 
dynamic analyses. The results obtained from the nonlinear time-history analyses and the 
local and global frame behaviors are presented in the fifth chapter. The conclusions of the 
studies and the recommendations for further research are summarized in the sixth chapter. 
Figure 1.1 Typical configurations of EBFs 
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CHAPTER 2. LITERATURE REVIEW 
This chapter begins with a comprehensive review of the previous analytical and 
experimental studies on seismic design and behavior of the eccentrically braced frames. 
The second part of the chapter summarizes the seismic provisions of the 2005 National 
Building Code of Canada as well as the seismic design requirements of CAN/CSA 
S16S01-05 relevant for the eccentrically braced frames. 
2.1 Past studies on eccentrically braced frames 
2.1.1 Generalities 
The first objective of this project is to extend the previous studies on the EBF system and 
provide data regarding the seismic behavior of high rise structures that go above 14 
storeys. The majority of the analytical studies carried out so far, were done for low to 
moderate frame heights and in strong seismic zones; and the provisions of design from 
the Canadian and American codes reflect those studies. Also the previous mentioned 
structures were conceived starting with ductility design, as it was observed that for 
moderately high frames the ductility requirements dominate the design, and afterwards 
verified for strength and stiffness. The intent of this study is to exanimate the importance 
of the design steps in the case of high rise structures. 
Several past studies addressed the behavior of eccentrically braced frames and 
particularly the cyclic behavior of individual links. The code limitation for the inelastic 
rotation capacity of the link is based on experimental tests conducted at the University of 
California, Berkeley, during more then a decade, under the guidance of professor 
E.P.Popov (Engelhardt et al. 1992; Hjelmstad and Popov 1983; Kasai and Popov 1986b; 
Malley and Popov 1984; Popov et al. 1989). These UCB researchers recommend as a 
preferred EBF configuration the one presented in Figure 2.1 with links that develop pure 
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shear deformation. Experiments realized by Engelhardt and Popov (1989) found poor 
performance in the case of link-to-column connection or the long links and they 
recommended to avoid these connections. 
Starting with the results of the research done in California, Canadian researchers have 
continued the work by developing new link models or improving the understanding of the 
structural behavior of EBF (Ghobarah and Ramadan 1990; Kasai and Han 1997a; 
Koboevic and Redwood 1997; Ramadan and Ghobarah 1995). The analytical link model 
developed by Ramadan and Ghobarah (1995) can be successfully used in various 
computer programs for analysis of nonlinear structural response. The studies effectuated 
by Han (1998) and Koboevic (2000) support the development of the design procedure in 
the Canadian building code and improve the understanding of EBFs seismic behavior. 
Lately a new research project has started in the United States consisting of two main 
parts: a series of experimental tests (Okazaki et al. 2004; Okazaki et al. 2005) conducted 
at the University of Texas at Austin, followed by analytical studies effectuated by the 
researchers form University of California, San Diego. The experimental tests are meant to 
verify the satisfactory behavior of the new A992 steel grade, commonly used in the USA 
for seismic resistant structures. The analytical studies conducted by professor Uang 
(Richards and Uang 2006) investigate the impact of the loading protocol on the 
cumulative rotation demands of the links and propose a reformulated shear link element. 
2.1.2 Frame proportioning and global structural response 
To achieve an effective EBF design it is essential to select the frame configuration 
including initial proportioning considerations as: the bracing arrangement in the frame, 
the brace to beam angle, the length of the link segment. These design principles are key 
elements to a proper overall EBF behavior (Popov and Engelhardt 1988). 
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The chevron type of frame in which the two braces are disposed symmetrically and the 
link is positioned at the middle of the beam is preferred to the link adjacent to the column. 
The link to column connection develops unequal end moments and axial force in the link, 
which can lead to poor hysteretic behavior and fracture. The tests on long links 
positioned in the vicinity of columns have shown development of fractures on the link 
flange near the flange to column weld (Engelhardt and Popov 1989). Ghobarah and 
Ramadan (1990) also investigated the performance of short versus long links. Through 
finite element models, the performance of the short links was found to be better in terms 
of maximum deformation angle and energy dissipation capacity. Another general design 
recommendation (Popov and Engelhardt 1988) referring to the bracing arrangement is to 
keep the brace-to-beam angle higher than 40 degrees to avoid large axial forces in the 
outside beam. 
The capacity design methodology used in this study is adopted from Popov (1988; 1989) 
and Kasai (1997 a). Capacity design of a structure aims at designing elements from the 
system to provide the most ductile response after yielding while limiting the inelastic 
behavior of the other elements from the structure and avoiding potential brittle failure 
modes and global instability. The ductile eccentrically braced frames dissipate the energy 
by yielding of the link segments, yielding that can be either in flexure or shear, while the 
other elements of the frame will be chosen to resist the forces developed from the 
yielding of the links. In the papers published by Popov (1988; 1989) and Kasai (1997a) 
problems as the concentrations of yielding at a particular storey, the modelisation of the 
beam as elastic or inelastic element and the verifications of code recommendations for 
the inelastic link rotation are discussed. 
In the process of links selection, the sections chosen can have higher strengths than the 
demand, thus a high overstrength due to several factors. When the capacity design is 
applied, this link overstrength factor, a is recommended by the above mentioned authors, 
to be kept constant in all storeys in order to obtain uniformly distributed link inelastic 
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deformations. The simultaneous link yielding assures a uniform distributed demand on 
the other elements of the frame. The design procedure to calculate the forces in all the 
members of the frame, when the link develops ultimate shear force is described in Kasai 
and Han (1997a). A particularity of the method is that the possible inelastic behavior of 
the outer beam is accepted. The modeling of the beam as inelastic is supported by other 
studies (Koboevic 2000) where it was observed that the plastic rotation of the beam is in 
general small when the brace is strong enough to remain elastic during the earthquake. 
Also in the recent studies realized in 2003 at the University of California, San Diego 
(Richards and Uang 2003) the response of the other members of the frame during the 
time-history analyses was in general elastic. A more detailed description of the capacity 
design procedure and the formulas used in this study to calculate the forces can be found 
in Chapter 3.2.6. 
The frame proportioning is important in the calculation of the inelastic link rotation. The 
link rotation is calculated assuming the formation of a rigid plastic collapse mechanism 
(Figure 2.2), where the link length variation influences the elastic stiffness of the frame 
and the link rotation demand. The frame stiffness decreases with the increase of the e/L 
ratio, where L is the span of the EBF. For the link rotation demand the effect is opposite: 
the increase of the e/L ratio determines a lower value for the link rotation. In conclusion, 
keeping a reasonable balance between these two factors is an attempt of optimum design. 
Recently a number of European researchers have published the results of their studies 
regarding the general behavior of EBF structures. In these papers subjects as the type of 
collapse mechanism and the influence of seismic load distribution are discussed. The 
Italian researchers Rossi and Lombardo (2007) have studied the influence of the link 
overstrength factor on the seismic response of EBFs, and they observed that the collapse 
configurations of the high-rise buildings are characterized by plastic concentrations in the 
upper storeys only. The same observations on the EBF response can be found in the work 
of the Canadian researchers (Koboevic 2000). Rossi and Lombardo (2007) also found 
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that the buildings designed with the static approach the normalized overstrength factor of 
links at the upper storeys exhibit overestimated values. 
The differences between a simple EBF resisting system and a dual system, EBF coupled 
with moment resisting frame, have been studied by Bosco and Melina (2004). The results 
show that high-rise EBFs are likely to develop soft-storey mechanisms, caused by large 
plastic deformations in links and bending moment demand in columns. It was 
acknowledged that for the coupled system the additional stiffness provided by the 
Moment Resisting Frame, determines a uniform plastic deformation over the height of 
the building. 
Static pushover analyses with different load patterns (Marino et al. 2003) were employed 
to determine the relevance of providing good evaluation on the seismic response. 
Empirical load patterns and load patterns that are resulting from the dynamic properties 
of the structures are examined in the study. The conclusion was that only the load 
patterns derived from the modal storey shears and bending moments lead to reliable 
results. 
2.1.3 Link behavior and model 
2.1.3.1 Link behavior in experimental tests 
The investigation of the inelastic link behavior was extensively carried out in the past two 
decades. Link detailing provisions such as the stiffeners, the lateral bracing or the flange 
slenderness ratio were found to be important parameters in design modeling process to 
obtain satisfactory inelastic behavior of the link. It was demonstrated by Popov and 
Engelhardt (1988) that the lack of web stiffeners and axial force in the link can cause 
significant deterioration of the link hysteretic behavior. 
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Experimental tests carried out on short links (Hjelmstad and Popov 1983; Kasai and 
Popov 1986a; Malley and Popov 1984) investigated the link response under 
monotonically and cyclic increasing loading. The following general findings from their 
studies can be summarized: 
a) Inelastic web buckling of the link will lead to loss in strength capacity and energy 
dissipation. The improvement of the hysteretic behavior is obtained by 
positioning web stiffeners. Properly stiffened links can achieve rotation of 0.20 
radians under monotonically increasing load and ±0.10 radians under cyclic load. 
The range of inelastic rotations (maximum positive rotation added to maximum 
negative rotation) can reach 0.18 radians. 
b) The largest shear force that the link can achieve after strain hardening is forty to 
fifty percent higher than the initial shear yield Vp. The ultimate shear strength of 
the short link tends to be higher than the maximum developed strength of flexural 
links. 
c) The presence of axial force in the link during the cyclic loading leads to a 
deterioration of hysteretic behavior. The axial force in the link can be neglected in 
a properly designed EBF framing and with chevron type bracing. 
d) The provision of lateral bracing for the link determines the state of in-plane 
deformations, thus eliminating the out-of-plane bending and the torsion moment. 
e) The fracture in the web occurred after large deformations of web or flange 
buckling. 
All the above mentioned tests were done on wide-flange shapes of ASTM A36 steel. In 
the current design codes and in practice the use of higher strength steel as ASTM A992 is 
mandatory for energy dissipating elements. 
Twenty three experimental tests were carried out by Arce and Okazaki (2005) in order to 
investigate the effect of flange slenderness, the degree of overstrength and the effect of 
loading sequence on link performance. The following findings can be resumed: 
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a) The effect of material change seems to be minimal in terms of material 
overstrength. The average overstrength for short links is forty percent of the 
inelastic strength of the link Vn, where Vn contains factor of the probable yield 
stress Ry obtained from measurements on the test sections. The overstrength 
factor tends to be higher for shorter links. 
b) The shapes with heavy flanges do not have higher overstrength factors. The 
relaxation on flange slenderness limits is supported by good results from tests, 
where links exceeded the required rotation level. The new proposed flange 
slenderness corresponds to a Class 2 in flexure. 
c) The experiments shown that short links tested with the modified version of the 
moment resisting frame loading protocols (AISC protocol) developed web 
fracture close to the design inelastic rotation of 0.08 radians. Richards and Uang 
(2003) developed a new test loading protocol based on the cumulative and 
maximum rotation demands of the links, obtained from nonlinear time history 
analyses, where the analyses were performed for an ensemble of Los Angeles 
ground motions. Link specimens tested with the revised loading protocol achieved 
inelastic rotations of ±0.12 radians. These values of the inelastic rotations of the 
links are determined for links that have the elastic deformations eliminated. 
d) Contrary to the previous tests (Hjelmstad and Popov 1983; Kasai and Popov 
1986a; Malley and Popov 1984), a number of shear link specimens developed the 
fracture of the link web, prior to web buckling. The fracture initiated at the end of 
filled weld from the connection of the stiffeners to link web. These observations 
were made for specimens tested with AISC loading protocol. Using the modified 
loading protocol proposed by Richards and Uang (2006) the same test specimens 
achieved link rotations above the code limit and did not exhibit any failure in the 
distance between the k-line and the stiffener weld termination. 
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2.1.3.2 Link model 
The theoretical development of the link-element model is based on the approach 
proposed by Ricles and Popov (1987b; 1994). Their formulations of the link element 
successfully predicted both flexural and shear behavior of the link. The model includes 
shear and flexural yielding and takes into account an anisotropic strain hardening, where 
combined kinematic and isotropic hardening occurred in shear yielding, and only 
kinematic hardening for flexural yielding. 
The element consists of a single linear elastic beam with non linear hinges at each end 
(Figure 2.3). The plastic deformations of the element are restrained to the end hinges, 
where the shear and flexural deformation take place. The axial deformations are restricted 
to the elastic beam segment between the hinges. Each hinge has zero length and is 
subdivided into three subhinges. The behavior of subhinges is described through a rigid-
plastic force deformation and moment-rotation relationship. The subhinges are conceived 
to yield in a consecutive manner and thus produce a multilinear function for the general 
hinge (Figure 2.4). Experimental tests have shown that shear yielding in short links is not 
significantly influenced by the presence of the bending moment. Therefore, the 
theoretical subhinge yield surfaces, presented in Figure 2.4 (a), can be reduced to a 
rectangular yield surface for the element formulation as the one presented in Figure 2.4 
(b). The influence of the axial force in a symmetrical chevron configuration is practically 
zero and therefore is not considered in the formulation of the link element. 
In the new Standard S16S1-05 the steel used in energy-dissipating elements is 
recommended to have a min imum yielding stress F y of 350 MPa. Thus the test results and 
the proposed link force-deformation models developed by Ricles (1994) and Ramadan 
and Ghobarah (1995) in which steel with a yielding stress Fy of 300 MPa was used would 
not be appropriate to be used for the present study. The available test data from Okazaki 
(2007) was studied by Jonathan Rozon (2009) and a multilinear shear force-deformation 
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function was derived to model the ductile shear link. This formulation of the shear link 
element will be used in the present study for the non linear time history analyses. The 
relationship for the shear and moment yielding are presented in Figure 2.5. 
The recent experimental tests effectuated for ASTM A992 steel (Okazaki et al. 2004; 
Okazaki et al. 2005) imposed the need for a revision of the shear link force-deformation 
relationship. Together with the revision of the test loading protocol, a new multilinear 
force-deformation relationship for the shear link is given in Richards and Uang (2006). 
Their link element has the consecutive yielding values presented in Table 2.1 and it has 
the same theoretical basis as in Ramadan and Ghobarah (1995). Each plastic hinge from 
the link beam ends is modeled with three translational springs acting in parallel to 
develop the multilinear force-deformation relationship specific for the shear link element. 
The yield points and post-yield stiffness were calibrated using the test results for the 
ASTM A992 short links (Okazaki et al. 2004; Okazaki et al. 2005). The plastic flexural 
capacity was calculated for the expected yield stress of 379MPa, which is the numerical 
value for the theoretical probable yield stress RyFy. 
Another link model was proposed by Ricles and Popov (1994) based on experimental 
tests realized with ASTM A36 steel. The values of the yielding points that they proposed 
for both shear and flexural yielding are presented in Table 2.1. They also proposed the 
values of the post-yielding stiffness to be used on the definition of the shear force-
deformantion and bending moment-rotation relationships, which were afterwards adopted 
and used by other researchers. The difference with this model is that the initial shear 
yielding point is at 1.0VP, without accounting for the higher probable yielding RyFy. 
Ramadan and Ghobarah (1995) developed an analytical model for the link element to be 
used in computer programs such as DRAIN 2DX. Their element was formulated based on 
the theoretical approach proposed by Ricles and Popov (1987b), using the same general 
hypotheses. The major difference that Ramadan and Ghobarah introduced is the 
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representation of the subhinges by means of translational and rotational spring elements. 
The element has four nodes, two internal and two external nodes, to represent the 
complete element. The internal nodes are slaved to the external nodes and the distance 
between each primary and slaved node is zero. The internal nodes enclose a beam-
column element between them that is constrained to remain elastic. The inelastic 
response is to be concentrated at the link ends, where a set of three rotational and 
translational springs added in parallel model the multilinear inelastic behavior. This 
analytical model of the link beam is compatible with the most general purpose computer 
programs. 
The Ramadan and Ghobarah model was calibrated using the existing test results from 
Hjelmstad and Popov (1983), Kasai and Popov (1986a; 1986b), and Ricles and Popov 
(1987b) for the steel grade 300 MPa. Their values of the shear and moments yielding 
points for the link model are presented in Table 2.1. The values of the forces at the initial 
yield were presented as My=Mp and Vy=0.9Vp, where Mp is the moment plastic capacity 
and Vp is the plastic shear capacity of the link section. 
A normalization for all three link elements formulation (Ramadan and Ghobarah 1995; 
Richards and Uang 2006; Ricles and Popov 1994) to the probable yield stress RyFy is 
presented in Table 2.1. The values for the shear yielding stages from Ricles and Popov 
were multiplied by Ry to account for the probable yield stress and the values from 
Ramadan and Ghobarah, with the factor Ry/0.9. These adjustments are effectuated to 
bring the initial yielding value to the probable stress of RyFy. A closer resemblance 
between Ricles element and Richard element is observed, considering that in the response 
of a link the important stages are: the initial yield shear force Vy=RyVp and the maximum 
shear force, Vmax, before the instability or buckling occurs in the link. Contrary, Ramadan 
and Ghobarah element show yielding stages that are different from the other two 
elements. 
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2.2 Canadian seismic design provisions for eccentrically braced 
frames 
Canadian seismic design provisions for EBFs, are given in the latest editions of National 
Building Code of Canada (NBCC 2005) and the CAN/CSA-S16S1-05 Standard (CSA 
2005; NBCC 2005). The structures studied herein are eccentrically braced frames with 
short shear links and only the provisions applicable to this system are presented in the 
following paragraphs. 
2.2.1 Provisions of NBCC 2005 
National Building Code of Canada defines only one level of ductility for the eccentrically 
braced frames characterized by the ductility-related force modification factor Rd = 4.0 
and the overstrength-related force modification factor R0 = 1.5. 
The NBCC 2005 describes two method of analysis for the calculation of the seismic 
force: the equivalent static force and the dynamic analysis method. The equivalent static 
force procedure is an empiric method of determining the distribution of the seismic force 
over the building height, based on the 100 percent of the structure's response on the 
fundamental mode of vibration. The response spectrum analysis used as a dynamic 
analysis method will yield a distribution of the lateral seismic force that includes the 
participation of higher modes of vibration. Both methods will be used in the study to 
calculate the seismic forces and then design the structures. 
In the equivalent static force procedure, the design seismic lateral force V is calculated 
for a building fundamental period Ta equal to 0.025hn for braced frames, where hn is the 
building's height. The code also permits the use of the fundamental period of the 
structure determined from a dynamic analysis but not higher than the double of Ta. 
The formula from the NBCC 2005 for the design base shear force is: 
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V = S{Ta)MvW-^- [2-1] 
RdRo 
with S (Ta) the spectral acceleration for the building fundamental period, Mv a coefficient 
that accounts for higher mode effects on base shear, IE the earthquake importance factor 
of a structure and W the total seismic weight of the building. The coefficient Rd is a 
ductility related force modification factor that reflects the capability of the structure to 
dissipate energy though inelastic behavior and R0 is an overstrength related force 
modification factor that accounts for the reserve of strength generally present in a 
structure. The value of the seismic base shear force has two constraint limits: a maximum 




The minimum base shear force that has to be considered in the seismic design is 
calculated as follows: 
V^=S(2.Q)MVW^~- [2-3] 
KdKo 
The maximum value of the base shear is restrictive for the low rise structures and the 
minimum base shear will apply to high rise structures. In the 2005 NBCC these types of 
limitations were imposed to soften the drastic changes on the spectral shapes of the 
NBCC 2005 which are now stepper than the spectral shape of NBCC 1995. For the short-
period structures the reduction of the static base shear to two thirds is supported by the 
facts that the spectral accelerations values S(0.2) are higher in the new code and such 
structures have traditionally not suffered much damage during earthquakes. The long-
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period forces in 2005 NBCC are generally lower than in the precedent building code thus 
the limitation of the spectral acceleration value to S(2.0) and the introduction of higher 
mode factor Mv which is a function of both spectral shape and type of structural system. 
The distribution of the base seismic force V over the structure height is made according 
to: 
„ (V-Ft)Wxhx 
F*= YWA [2"4] 
where Wx, W; are the seismic weights at levels x and i respectively and hx, h; are the 
heights of the levels x and i. The force Ft is the concentrated force applied at the roof 
level to accounts for the effects of the higher modes on seismic force distribution and it is 
taken as Ft= 0.07TaV when Tais larger than 0.7s. The torsional accidental moments must 
be calculated considering an eccentricity between the center of mass and the center of 
rigidity equivalent to ± 0.10Dnx. The torsional sensitivity will be verified after the design 
of the EBF with a dynamic analysis for the 3D model of the building. 
The dynamic analysis procedure that will be employed is the modal response spectrum 
method. The values of the spectral accelerations used in the modal response spectrum 
analysis are the values of the spectral accelerations Sa(T) corresponding to the towns of 
Vancouver and Montreal. The effects of the torsional accidental moments developed at 
the same time with the seismic forces will be taken in account by assigning the same 
eccentricity mentioned for the static procedure. The results of this analysis are elastic 
shear forces with a total elastic shear at the base of the frame denoted Ve. In order to 
obtain the equivalent shear force to the statically calculated V, the elastic force Ve has to 
be multiplied with the risk coefficient IE and then divided with the product RdR0- The 
formula for this dynamic shear force can be summarized as: 
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For regular structures, the code permits a reduction of the dynamic shear force, which 
represents the minimum between the Vd and 0.8V, where V is the seismic force 
calculated with the equivalent static force procedure. 
The deformations obtained from the linear dynamic analysis have to be multiplied with 
the factor Vd/Ve to find the more realistic estimates of inelastic deformations. The inter-
storey drifts obtained from the calculated total deflections must to be smaller than 0.025hs 
for the buildings of normal importance. 
2.2.2 Provisions of CAN/CSA S16-05 
The Clause 27 from CAN/CSA-S16-05 provides the special requirements to conduct the 
capacity design for the members and connections of the seismic force resisting system. 
The maximum anticipated seismic loads used in the process of capacity design are 
determined as described in the above paragraphs. 
The minimum specified yield stress Fy of the steel used in the elements that are designed 
to dissipate the energy have to be lower or equal to 350 MPa. The probable yield stress is 
defined as RyFy > 385MPa, where Ry is 1.1 for steel G40.21.The width-to-thickness 
limits for the energy-dissipating elements are calculated using specified yield stress that 
should not be less than 350MPa. 
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2.2.2.1 Design of links 
The sections used for the links in eccentrically braced frames have to be in general Class 
1. Class 2 sections are permitted for links that develop pure shear behavior (e < 1.6 
Mp/Vp) provided that the web is Class 1. Special attention is given to the link 
configuration in order to have a web of uniform depth without penetrations, splices, 
attachments or reinforcements (as double plates), except the stiffeners. The link stiffeners 
are vertically disposed plates having full-depth web development and they are attached to 
the web and the flanges of the link section with filled welds. A schematic illustration of 
this detailing can be found in Figure 2.7. 
The links are designed for the coexisting forces that develop in it. The procedure 
employed to derive these forces from the lateral shears that act on the nodes of the 
structure is presented in Chapter 3.2.6. A restriction is imposed to the link length which 
can not be less than the depth of the link section. The other requirements for the link 
length do not apply herein because the axial force in the link Pf will be considered equal 
to zero. 
According to Clause 27.7.2 the shear resistance of the link beam has to be taken as the 







The plastic resistance in shear of a section Vp is defined as Vp=0.55wdFy and the plastic 
moment resistance as Mp=ZFy. The force Pf is the axial force in the link that can be either 
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tension or compression, the symbol A denotes the total area of the section and e is the 
length of the link. When the link is short enough (e<1.6Mp/Vp ) the link will yield in 
shear and it is called a shear link. In this study all the links in the frame will be chosen to 
develop only shear behavior and the maximum shear resistances will be therefore the 
factored resistance Vr=(()0.55wdFy, where (|) is equal to 0.9. The links will be considered 
to have full lateral support provided at both top and bottom flanges at the end of the link. 
During the earthquake activity the link segment will develop flexural, and/or shear plastic 
hinges and rotate relatively to the rest of the beam. The associated inelastic deformation 
is called the link rotation. The CAN/CSA-S16-05 specifies limitations on this inelastic 
rotation. For the links that yield in shear, as in the present study, the maximum inelastic 
link rotation is restricted to 0.08 radians. When verifying this requirement the code 
specifies to calculate the rotation by taking inelastic drift in the frame as 3 times the 
elastic drift, Aei, determined for the factored seismic loading at the design level: 
A,„=3-Ae; [2-8] 
The eccentrically braced frames are the only seismic resisting systems for which the 
verification of ductility is done directly through the calculation of inelastic link rotation. 
Limiting the links rotations to the code limit and maintaining a uniform value of these 
rotations through the frame's height is an aim of optimal design. 
2.2.2.2 Design of other frame members 
Prescription for the capacity design of the other frame members are given in the 
CAN/CSA-S 16-05 such that the resistance of these members will be greater than the 
forces transmitted from the yielded link segment. The exterior parts of the beam, outside 
the link must have sufficient axial and bending capacity to resist forces developed in the 
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link beam sections are similar to the link segment sections). The beam resistance is taken 
as the factored resistance multiplied by Ry/(|) and the link forces are equal to 1.30Ry times 
the nominal strength of the link (1.30RyVp). The outside beam has to be provided with 
sufficient lateral support to sustain the stability of the member under the forces 
transmitted from the link. 
The diagonal brace and its end connections must be selected from section Class 1 or 2 
and with a sufficient factored resistance to support the forces developed in the strain-
hardened link, which shall be calculated as 1.30Ry times the nominal strength of the link. 
Special attention has to be given to the brace-to-beam connection such that the 
intersection of the brace and beam centerlines to be at the end of, or within, the link. Also 
the full end restrained (moment connection) of the braces with the beams is to be 
provided if the braces will sustain link end moments. 
The column sections must be Class 1 or 2 and shall resist forces developed from the 
cumulative effect of yielding links and the gravity loads. The amplification coefficient for 
the columns is 1.15Ry times the nominal strength of the link, except for the top two 
storeys where this coefficient is 1.30Ry. The column resistances shall satisfy the 
requirements of Clause 13.8 Axial Compression and Bending. The interaction equation 
for the columns will be taken as Cf/Cr without the moment contribution. The columns 
shall be chosen such that their interaction values shall not exceed 0.65 for the top column 
tier and 0.85 for the rest of columns in the EBF. The peak column moments are difficult 
to estimate only by static analysis because they are a function of inelastic drifts between 
adjacent storeys and column continuity. These moments could be evaluated using an 
inelastic dynamic analysis, therefore based on past analytical studies the above mentioned 
simplification of the interaction equation was proposed (Kasai and Han 1997a) to be used 
in the design of the EBF columns. 
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When the member strength and stability of the exterior beams, braces and columns is 
examined the equations of the Clause 13.8 and 13.9 will be used to compute the member 
capacity, depending on the type of section used. When using the above mentioned 
equations the member capacity will be examined for: 
a) Cross-sectional strength, 
b) Overall member strength, with the axial compressive resistance Cr calculated for 
the strong axis flexural buckling capacity, and 
c) Lateral torsional buckling strength 
2.3 Summary 
As a result of the literature review effectuated the chevron type bracing for EBF was 
decided to be the most performing configuration and the short shear links the most stable 
and relaying ductile element for this type of frame. The new formulation of the shear link 
element that will be used for further nonlinear time history analysis was possible based 
on the recent experimental tests. The second part of the chapter presents the provisions of 
NBCC 2005 regarding the methods for the calculation of seismic forces followed by the 
seismic design requirements that the members of EBF have to satisfy in the capacity 
design process. 














































































Figure 2.1 EBF configuration 
Figure 2.2 Rigid plastic collapse mechanisms 
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Plastic Hinge Elastic Beam Internal Node External Node 
External Node 
Hinge at node I 
Internal Node 
Figure 2.3 Link element (Ricles and Popov 1994) 
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First yield point 







Figure 2.4 Strain hardening behavior of hinges: (a) Initial position of subhinge yield 









Figure 2.5 Shear link element: force-deformation relationship for combined translational 
spring action at each end 







Figure 2.6 Link detailing 
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CHAPTER 3. DESIGN PROCEDURE 
This chapter describes the steps that were performed to obtain EBF designs in accordance 
with the requirements of CSA-S16 standard. Two locations (Vancouver and Montreal) 
and three frame heights (14, 20 and 25 storeys) were considered. The geometry of the 
building and the loads are presented first, followed by the overview of design 
assumptions. The study carried out to establish the impact of two different lateral load 
distributions on the design is described. The importance of different design criteria is 
discussed and the appropriate design sequence is suggested. 
3.1 Building geometry and loads 
The buildings selected for this study have 14, 20 and 25 storeys in height. Two Canadian 
locations were considered, representative of seismic conditions in Eastern and Western 
Canada, namely Vancouver, British Columbia and Montreal, Quebec. The same building 
layout, shown in Fig.3.1, is adopted for all the structures. The framing consists of gravity 
columns and beams and two single bay EBFs located in the central core and placed in 
two orthogonal directions. The building is assumed to be of commercial usage. The 
frames are symmetrically located in the braced cores, thus eliminating the torsion in the 
building and allowing the investigation of two dimensional single plane braced frames. 
The equal mass was assigned at all storeys, with exception of the first and the top floor. 
Details concerning the calculation of the floor mass and the specific values used in the 
analysis can be found in Appendix A. 
The elevation of the 14, 20 and 25 storey frames are shown in Figure 3.2. Identical bay 
widths of 9m were adopted for all the frames with typical storey heights of 3.7m, and the 
first storey where the height of 4.5m was selected. The link length of 800mm was 
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determined for all the frames based on the results of a parametric study. The reader is 
referred to the section 3.2.5 for a detailed explanation of this choice. 
The design gravity and live loads for the single frame were adopted from Han (1998). 
Table 3.1 gives the values of the factored loads used for Vancouver and Table 3.2 for 
Montreal. The loads were applied as concentrated loads on the columns and as uniformly 
distributed loads on the beams. The top storey is the roof of the building and therefore the 
Tables 3.1 and 3.2 show the values of the snow load under the title "live load", since it 
was found that the combinations with snow load were critical. 
In the CSA S16-01 Standard and the Subsection 4.1.8 of NBCC 2005 no height limit is 
defined for the eccentrically braced frames. Hence, the 25-storey building, 93.3m height 
can be considered appropriate for this study. 
The seismic design base shear, V, was determined in accordance with the NBCC 2005 
requirements, using the formulas discussed in section 2.2. Detailed calculation of the 
weight for each floor is presented in Appendix A. In the calculation of the seismic force, 
the specific acceleration and velocity coefficients for the ground conditions of a site Class 
C were considered for both Vancouver and Montreal. The earthquake importance factor 
IE was assigned a value of 1.0 corresponding to the case of the of normal risk category. 
The value of fundamental period, Ta, was taken as two times the empirical value 
suggested by the Canadian code. This assumption can be justified based on the fact that 
the period of a building calculated using established methods of mechanics is usually 
much longer than the period obtained applying the empirical formula of the code. 
Because the calculated period is extremely sensitive to the mass and stiffness modeling, 
the code limits the maximum value of the multiplication factor applied to the empirical 
period to 2.0 to avoid excessively long period estimates. For high buildings characterized 
by first period of vibration grater than 2 seconds, the use of 2Ta in the calculation of the 
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spectral acceleration Sa(T) can lead to non-conservative seismic design forces. Therefore, 
in the equivalent static force procedure a minimum seismic design force Vmin, is imposed. 
Vmin is calculated using the spectral acceleration corresponding to the period of 2 seconds. 
Tables 3.5 and 3.6 summarize the seismic load calculations for three frames located in 
Vancouver and Montreal respectively. As can be seen from those tables, the estimated 
design periods of the building are all longer than 2 seconds. Thus, the values for the 
seismic design forces V, given in Tables 3.5 and 3.6, correspond to the minimum 
permissible forces Vmi„. It is likely that a dynamic method used to determine the lateral 
seismic force will yield a lower value than the minimum seismic force determined with 
the empiric procedure. In such a case the NBCC 2005 allows to further reduce design 
seismic force up to 80 percent of the calculated value. This assumption will be verified 
later in section 3.4. 
The base shear was distributed over the height of the building and the amplification due 
to accidental torsion was applied. The effects of accidental torsion resulted in the lateral 
shear amplification of 7%. Details regarding the calculation of the accidental torsion can 
be found in Appendix B. The notional loads are added to the lateral shear, and calculated 
in function of 0.5% of the seismic weight at every storey level. 
The ratio of the maximum frame height (25 storey building) to the lesser width of the 
building plan (93.3m/36.0m) is less than 4, therefore the obligation to consider a dynamic 
analysis in order to determine the wind loads is not applicable. Thus, the wind load was 
calculated using the simplified procedure proposed in NBCC 2005. Two different load 
cases were considered. In the first one the wind is distributed on the entire facade of the 
building and in the second the wind is applied as pressure on the partial building surface 
in order to account for the torsional effects. The calculation showed that the wind with 
the torsion amplification yielded a more critical condition, thus this was the one used in 
32 
the design. Summary of the wind load for ultimate and serviceability limit state for 
Vancouver are presented in Table 3.3 and Montreal in Table 3.4. 
The following load combinations were used in the design for ultimate and serviceability 
limit states: 









(Okazaki et al.) Serviceability limit state 
9) LOW 
10) 1.0L 
3.2 Design procedure 
Design process to obtain a seismic-resistant structure implies the verification of different 
design requirements related to strength, stiffness and ductility. In some cases it is possible 
to obtain designs that are efficient for all the major design requirements, but more 
frequently one of the design criteria would be critical. To optimize the design process it is 
desirable to use the sequence that would require the least modification between different 
design phases. Koboevic and Redwood (Koboevic and Redwood 1997) reported that for 
EBFs located in moderate seismic zones, it would be more appropriate to begin the 
design with strength and stiffness verifications rather than the requirements related to the 
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capacity design procedure (ductility design phase). In view of the increased flexibility of 
taller EBFs it is likely that the similar approach to design would be appropriate. 
In order to minimize the number of iterations and in view of the importance of 
deflections in design of taller structure, following design sequence was adopted in this 
study: 
• Initial selection of the link beam section is based on ductility design criteria, using 
the NBCC shear force distribution. Consequently, specific links are selected so 
that they have an adequate inelastic shear resistance for factored seismic loads. 
• With imposed beam sections, the selection of the other members of the frame is 
done based on strength requirement. Selected beam sections are verified for all 
the NBCC load combinations and once the verification completed, other members 
of the frame are selected based on strength requirements. 
• Selected frame sections are verified for stiffness and stability requirements, and 
modifications are done, if required. The stiffness parameters, as the total inter-
storey drifts for the seismic load combination and the elastic drifts produced by 
service wind load, were verified to comply with the code limits. The global 
stability of the EBF frame is then checked using a P-A amplified seismic lateral 
force and the stability coefficient U2 is calculated and verified to be less than the 
code limit. 
• Outer beam, braces and columns of the EBF, are verified for forces generated by 
fully yielded and strain-hardened links (capacity design), and the inelastic link 
rotation are calculated and compared against the code limits. 
For all these design phases a distribution of the seismic force according to the equivalent 
static procedure was used. 
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3.2.1 Common features for EBF design 
Following the preliminarily selection of the links sections, the sections of the links and 
outer beams were fixed and design of other members of the frame was done using the 
program Visual Design (VisualDesign 2007). The program Visual Design allows 
analyzing and designing of a steel frame in conformity with CSA/CAN SI6-01. The 
optimization sections selection was done automatically in the program, in function of the 
cross-section area. The design was effectuated on a 2D model of the EBF. 
The material grade used in the design and selected in the program Visual Design was 
G40.21.350W steel, with specific minimum yield strength Fy equal to 350 MPa. 
The beams are modeled as pinned at the connection with the columns and they are fixed 
at the intersection with the brace and link beam (Figure 3.3). Lateral support was 
provided for the beam section, in order to avoid the flexural and lateral torsional buckling. 
Braces are designed as Class 1 or 2 HSS sections for the 14 storey structure and as W 
sections for the 20 and 25 storey structure. The option for W section was enforced by the 
lack of available sections and the necessity to use higher cross-sectional areas. Pinned 
connections are considered at the intersection of the braces with the columns, and rigid at 
the connection of the braces with the beams. The moment resisting brace to beam 
connection permits the redistribution of link end moment, assumption discussed further in 
the design (section 3.2.4.3). Columns are selected to have Class 1 or 2 sections, from W 
and WWF shapes for the EBFs having 14 storeys and from W, WWF, STE (plain square 
sections) shapes for the 20 and 25 storey frames. Columns are pinned at the base for the 
in-plane bending, and they are continuous over the entire and tiered into two or three 
storey segments. 
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3.2.2 Link selection 
The link beams are selected based on ductility requirements, as specified in Clause 27.7.1 
of CSA/CAN S16-01. The links were chosen to be Class 1 in compression and Class 1 or 
2 in bending, as permitted in the SI6-01. Link sections were first selected to have 
inelastic shear resistance as close as possible to the shear force induced by factored 
seismic loads. 
The simple static approach used to derive the forces from the lateral seismic shear is 
presented in Figure 3.4, where the formula can be generalized as follows: 
h 
Vf = Y Vcum [3-1] 
The cumulated lateral shear, Vcum presented in Tables 3.5 and 3.6 in columns (c), (f), (i) 
is used to calculate Vf. The cumulated shear force includes an amplification to account 
for the P-A effects. This was calculated for an expected drift of 0.005 of the storey height 
hs. 
To calculate the inelastic shear resistance of the link the formula [2.4] from section 
2.2.2.1 was used. The selected link sections, for both design locations studies are listed in 
Tables 3.7 and 3.8. The same tables indicate also the factors a, representing the link 
resistance-to-force demand ratio. 
It was suggested in literature Popov and al. (1988; 1989) that, in order to obtain uniform 
energy dissipation and similar inelastic deformation in all the storeys, the effort should be 
made to select link sections so that a link resistance to force demand factor, a, remains 
uniform throughout the frame height.. In addition, a should be as close to unity as 
possible. Oftentimes, especially for taller EBFs it is difficult to maintain the link strength 
factor close to unity as because the link design may be governed by non-seismic load 
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combinations or stiffness considerations. Comparing the values from the Table 3.7 and 
3.8 it can be observed that for links in Vancouver frames, a had an average value of 1.3 
while for the Montreal frames a varies from 1.85 for the 14 storey frame to 1.55 for the 
25 storey frame. For Vancouver the link factor could be kept at the value of 1.3 because 
the wind force combination controlled only locally the strength verification of the link, 
the same as the gravity combination controlled only the top storeys. 
Another general trend that can be observed is that the top links for all designs had the 
highest a value. This can be explained by the fact that the link design was governed by 
other requirements. For Montreal, for instance, the heavier top link beams were necessary 
to obtain the links with pure shear yielding (e < 1.6 Mp/Vp) as well as to comply with the 
requirements for the class of the section. The similar reasoning can be applied to 
Vancouver although in general lower values of a were obtained for the top links 
compared to Montreal. 
For Vancouver, in all the three frames (14, 20 and 25 storey) the links are designed for 
the load combinations containing the gravity or seismic force in the top storey, and for 
combinations with the wind force in the middle portion and at the base of the frame. In 
the Montreal's case the larger values of the a factor are due to the wind force that 
governs the design in the middle portion and lower storeys or the gravity forces for the 
top storeys. It is anticipated that the overstrength introduced in the links will reduce the 
link deformations and consequently the capacity of the EBF to dissipate the energy 
introduced by an earthquake. In addition, following the capacity design principles this 
link overstrength will increase forces that need to be considered for design of other frame 
members, and thus results in larger brace and column sections. In the seismic zones with 
lower to moderate seismic activity, it is highly unlikely that the links will develop the 
same levels of strain hardening as for the higher seismic zones. Consequently, the high 
overstrength of the links combined with a less intense seismic solicitation can result in an 
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unjustifiably strong structure. These aspects will be discussed in further detail in Chapter 
5 and 6. 
In the next step links are verified for forces introduces by all other relevant load 
combinations, and stronger beam sections were selected if needed. 
3.2.3 Design of other frame members 
3.2.3.1 Strength design 
Once the link sections were selected, the initial sizes of other frame members were 
determined to obtain the frame with adequate strength for factored load combinations 
defined in Section 3.1. 
The section selection obtained after the strength design phase is presented in Tables 3.9 
to 3.14. In order to facilitate the comparison between different design phases, the 
summary of the chosen sections is grouped by structure's height and location. The total 
mass by type of members is given at the bottom line of each table. The value featured as 
total mass of the structure contains the mass of the beams as well. 
It is interesting to note that the critical load combinations for different frame elements 
were different for the eastern and western Canadian locations. For Vancouver, it was 
generally the seismic forces that controlled the design while for Montreal gravity and 
wind loads dominated member selection. A general tendency is that the combination 
containing 1.4 W governed the design of all the members at the bottom storeys, 
regardless the geographical location of the structures. The exterior beams at the top 
storeys were designed for the gravity combinations in the case of Montreal structures and 
for the seismic forces for the structures situated in Vancouver. The higher forces in the 
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top storey braces are produced by seismic loads, whereas the maximum forces in the top 
columns came from gravity or seismic load combinations. 
3.2.3.2 Stiffness verification 
In the next step, total inter-storey displacements were verified against the code limits for 
the load combinations including both the seismic and the wind loads. For the seismic 
loads the lateral deflections were calculated from the static analysis and multiplied by 
RdRo/fe to obtain realistic estimates of the total deformations. Braces and columns 
sections were modified until the total inter-storey drifts met the code limit of 0.025 hs, 
where hs is the storey height. To assure the necessary stiffness of the frame the following 
strategy was adopted: columns beginning from bottom to top are modified first and 
followed by locally changes of the braces. It is usually expected that the braces and 
columns sections increase in size from the base to the top of the frame. However, for the 
20 and 25 storey structures, especially for those situated in Vancouver, the local control 
of seismic drift requirements imposed heavier brace sections in the upper part of the 
frames. 
The sections selections at the end of this design phase are shown in Tables 3.9 to 3.14. 
The presented sections for the EBF are those that satisfy the deflections limits only for 
the seismic load combination, because the increases in the mass due to wind requirements 
are virtually negligible. 
A summary of the total inter-storey drifts obtained for the lateral seismic loads for both 
studied locations is given in Table 3.15. The NBCC design limits are also shown. For all 
the structures, regardless the geographic location of the building, the maximum values of 
displacements were observed in the upper storeys. The only exception is the 14 storey 
frame located in Montreal, were the sections selected after the strength verification, fully 
complied with stiffness requirements. The values of the total drifts for this structure are 
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presented in the Table 3.15 and as can be seen they are all below the design limit, with a 
maximum value at the 13l storey. 
Verification of the displacement caused by the wind loads (serviceability limit state) was 
done for the EBF configuration meeting total seismic drift design limits. While all the 
three structures located in Vancouver inter-story drift values observed were lower than 
1/500 hs, the structures situated in Montreal had values of storey drifts larger than the 
design limit defined for wind loads. Required modifications of columns and braces 
resulted in minor mass increase compared to the mass increase due to the seismic drift 
requirement. 
3.2.3.3 Verification of global stability (P-A effects) 
The summary of the final selected sections for each structure studied is given in Tables 
3.9 to 3.14. To verify the global stability of the structure the effects of vertical loads 
acting on the deformed structure (P-A effects) must be considered. The lateral loads 
acting in a deformed structure amplify the lateral displacements and induce additional 
forces in the structure. P-A effects can be very important for the seismic loads, in view of 
the large inelastic deformations anticipated and thus can not be ignored in the design. In 
the present study two methods are used to account for of P-A effects: (i) an iterative 
procedure in which the horizontal loads are amplified in function of the developed 
displacement at each storey and (Okazaki et al.) the NBCC 2005 procedure in which a 
factor U2 is calculated using a one- step procedure and compared with a maximum 
admissible value. 
The NBCC method of accounting for P-A effects is based on the calculation of a global 
stability factor U2, where U2 is defined as: 
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The stability coefficient U2 is calculated as the amplification created by the moments due 
to gravity loads Cf acting on the structure deformed with the seismic displacement RdAf. 
The factor Rd is used to multiply the elastic displacement Af and not R0Rd, because the 
resistance of the structure already includes the structure's overstrength (coefficient R0) 
and thus the level of load where the inelastic action starts is Vdesign times RD. The values 
of coefficient U2 larger than 1.4 indicate that the structure is too flexible, and the frame 
need additional stiffness such as the coefficient U2 does not exceed the value of 1.4. 
In Visual Design program P-A effects for the seismic loads can not be automatically 
included in a 2D analysis, because the part from the mass of the building participating on 
the P-A effects can not be accounted in a 2D model. Therefore, an alternative iterative 
procedure to calculate the equivalent lateral loads P-A was used. The iterative method has 
the advantage to precisely calculate the additional lateral force that corresponds to a 
specific storey. An Excel worksheet was created to compute the additional horizontal 
seismic force denoted H, where the force is calculated with the formula H = £ CfRaAf / hs. 
In this formula Cf is the gravity load from the load combination 1.0D+1.0E+0.5L+0.25S 
for the corresponding storey level, Rd is the ductility-related force modification factor, Af 
is the lateral elastic displacement obtained from a first order analysis and hs is the storey 
height. The method is iterative and starts by the calculation of elastic displacements under 
the seismic loads. Equivalent horizontal forces, HI, are computed, added to the initial 
seismic load and a new set of displacements is calculated. With these new displacements, 
a new set of equivalent horizontal forces, Hi, are computed, added to the initial seismic 
loads and the displacements are recalculated. The procedure is performed until the set of 
H forces converges to a stable value. Five to six steps were generally needed to attain the 
convergence. Once the iterations completed, the strength of the members, the inter storey 
drifts and the U2 value are verified against the NBCC design limits. 
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The deflections used for all the calculations correspond to the minimum seismic base 
shear Vmin. The code does not specify if any adjustments should be made with the 
deflections when the period of the building is higher than 2.0 seconds, the limitation of 
the period is specifically imposed for the level of the forces (Vmin) and thus the 
deflections are limited to those corresponding to the seismic force equal to minimum base 
shear. 
To satisfy the global stability requirements it was necessary to modify all frame members 
including links. Although the allowance for P-A effects was made in initial link design, 
their impact was somewhat underestimated and consequently link sections had to be 
increased. This in turn increased the factor a as can be seen from Tables 3.7 and 3.8. 
While the modifications for the link sections were required only locally, a significant 
increase in the columns and braces sections was needed to control the displacements and 
the amplification of the forces caused by the P-A effects. It was observed that increasing 
the bottom columns sections was the most efficient way to control the inter storey drifts 
in the storeys above the modified sections. The adjustment of the braces sections was 
used to control locally the rigidity of the frame, especially for the middle storeys. 
The values of the coefficient U2 were calculated on the structure obtained after the 
calculation of the P-A forces, using these amplified seismic forces. Several sections 
modifications were needed to keep the value of U2 in the code limit. These changes were 
especially done for the braces in the middle part of the EBF, where U2 factor had the 
maximum values. It was also observed that for Montreal structures keeping the values of 
U2 less than 1.4 was more difficult to realize than for the structures designed for 
Vancouver. 
The same iterative method for the calculation of the second order effects is used in the 
case of the wind load combination. The displacements are computed with Visual Design 
42 
and an equivalent lateral force is calculated, using the load combination factors 
corresponding to dead and live loads. The procedure converged in two to three steps and 
the frame members modifications due to the wind P-A effects were minor compared to 
the modifications imposed during the stability verification for the seismic forces. 
Therefore, it was not considered a governing design criteria and it is not presented in 
detail herein. 
3.2.4 Capacity design and verification of the inelastic rotation of 
the link 
3.2.4.1 Outline of the procedure 
The final step in the design procedure is the capacity design of the frame. The principle 
of the capacity design for EBF is to choose the links to be the weakest elements that 
develop a ductile behavior and to select the other elements to be sufficiently strong to 
sustain loads introduced by fully yielded and strain hardened links. Capacity design was 
selected to be the final deign step because it is believed that the previous steps (i.e. 
strength, stiffness, stability) are more demanding in the case of taller frames. The 
following sections present the method and principles used for design of beams outside of 
links, braces and columns. 
The program Visual Design does not have the capacity design procedure implemented 
and thus an Excel worksheet was created carry out this final design step. Using an 
approximate static approach (Han 1998; Koboevic 2000; Redwood 1995), illustrated in 
Figure 3.4, the forces and moments introduced by the yielding links are calculates for the 
exterior beams, braces and columns. The calculation of the member forces starts from the 
top storeys and proceeds towards the lower storey levels. The formulas for each type of 
element will be discussed in more detail in the following sections. 
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For this study, it is considered that the exterior beam and link segment have the same 
section and are continuous, without any strengthening in the exterior beam section (i.e. 
additional plates).Thus, the connection between the outer beam, the link and the brace 
have to be a moment resisting connection. In this case, the beam must sustain high 
moments transmitted from a yielded link along with a significant axial force and thus, an 
inelastic behavior is very probable to develop in the beam. As it was earlier discussed in 
section 2.1.2, the previous studies (Koboevic 2000) considered the same assumptions on 
the design and it was observed that the inelastic beam rotations due to flexural 
deformations are in the acceptable limits. Therefore, the assumption agreed for this study 
that the beam can exhibit a nonlinear comportment during the earthquake. 
3.2.4.2 Design considerations for link and outer beam 
The link beam selection at the beginning of the design procedure was carried out so that 
the link has an adequate inelastic resistance to sustain seismic forces amplified to account 
for P-A effect thus no further modifications are necessary in the ductility phase of design. 
The beams outside of the link have to be selected to resist the forces generated by fully 
yielding and strain hardening links. The Standard S16S01-05 specifies that this ultimate 
force Vu, is equal to 1.3RyVp, where Ry is the factor of the probable yield stress, equal to 
1.1, and Vp is the plastic shear resistance. The beam resistance can be taken as the 
nominal resistance with a steel yield stress equal to RyFy. The ultimate shear force from 
the link is transmitted to the beam and brace as axial forces and moments, and thus these 
members have to be treated as beam-columns in the capacity design. 
During experimental tests realized for the short links, it was observed that the axial forces 
in the links are usually small and therefore could be neglected in the design. The moment 
in the link beam developed at the connection with the outer beam and brace, and referred 
to as link end moment, can be calculated as: 
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Mlink =Vu- [3-3] 
In the following the link end moment Miink will be referred as Mtrans, the moment 
transferred by the link. The beam shear force Vbeam in the outer beam is: 
Vbeam = Vu " T ^ ~ [3"4] 
The beam axial force is determined to satisfy the horizontal equilibrium in the connection 
node. The type of axial effort in the beam, i.e. compression or tension depends on the 
direction of the seismic loads. Considering a left side direction, as shown in Figure 3.5, 
the value of the force will be positive for compression on the left side of the link and 
negative as for tension on the right side, and it is given as: 
Pbeam = Pbrace COS fi = V„ Ctg/3 [ 3 . 5 ] 
Li €• 
where P is the angle between brace and beam (Figure 3.5). The rigid connection between 
the outer beam and the brace permits the distribution of the moment transmitted from link, 
depending on the relative stiffness of the two members. Considering the high solicitation 
on the beam and to avoid increasing the section size due to the requirements for outer 
beam sectional behavior, it is assumed that the beam can develop an inelastic behavior. 
Thus the beam can sustain the combination of the bending moment and axial force to its 
full capacity and only the remaining moment will be transferred to the brace. The 
representation of the moment distribution is presented in Figure 3.5. Due to the presence 
of the concrete slab the top flange of the beam can be considered to be fully laterally 
supported and the verification for lateral torsional buckling does not apply. 
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The bending deformations in the members have two components: the first that results 
from the distribution of the link end moment, Mtrans, to the outer beam segment and the 
brace (see Figure 3.6 (a) and (b)) and the second originating from storey drifts (see Figure 
3.6 (c), (d)). Kasai and Han (1997) have shown that when the lower end of the brace is 
pinned, the moments arising from storey drifts are small or non-existent. On the other 
hand, when the lower brace end is fixed to the column, moments arising from inter storey 
drifts have to be considered. In this study the beam to column connection is considered 
pinned since the flanges are not connected to the column. The brace bottom connection 
with the column is also treated as pinned because the typical connection does not include 
the connection of the flanges from the brace to the column section in order to transfer the 
moments. Therefore, the moments introduced by the storey drifts did not have to be 
included. 
Regarding the axial forces in the beam and braces two situations can happen: the beam is 
in compression and the braces in tension or vice versa beam in tension - brace in 
compression. For Class 1 sections the second situation will always govern the design 
because it yields higher moments in the braces. For a typical storey the moment acting on 
the beam is: 





x¥cosj3 + 3r 
Mtrans [3-7] 
And MP;beam is the plastic moment resistance of the outer beam segment. In the above 
formula, r = (sl)beam/(sl)brace where s is a stiffness reduction factor in function of the axial 
force, I is the moment of inertia and *P is equal to 3 for a pinned brace lower end. 
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The presence of the axial force affects the flexural rigidity of an element, and this should 
be accounted for in the calculations. The formulas to calculate the stiffness reduction 
factor are taken from Trahair (1977) and can be summarized as follows: 
In a typical storey 
• for the beam segment, s = (1-P/PE), and 
• for the brace with a fixed bottom end s = (1-P/2PE), and 
• for the brace with a pinned bottom end s = (1-P/PE). 
In the first storey if the effect of drift is considered the values of s are: 
• for the brace s = (1-P/4PE) and 
• for the beam s = (1-P/PE). 
The bottom end of the first storey column is considered pin connected and the drift effect 
will not be included. Therefore, the s values for the brace in the first storey shall be taken 
as in a typical storey. 
For Classe 1 or 2 I shaped section, according to CSA-S16-01, the beam plastic moments 
Mpbeam can be calculated as follows, for tensile and compressive axial load in the beam: 
1V1 p ,beam — 
f T 
i f ,beam 
V ARypyJ 
Z*RyFy [3-8] 
M pjoeam = 1 . 1 8 
/ c 
-t f ,beam Z A F y [3-9] 
v A * ^ y 
The use of full yield strengths RyFy for the exterior beam is based on the specifications 
formulated in Clause 27.7.8 of the Standard CSA-S16-01 and discussed in section 2.2.2.2. 
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The beams member capacity is then verified for the interaction formulas of the Clause 
13.8.2 (a) and (b). When calculating these interaction values, the maximum interaction 
value of the cross-sectional strength equal to 1.0 is accepted due to the fact that the beam 
is considered capable of resisting forces to its full capacity. 
3.2.4.3 Brace design considerations 
The procedure presented above accepts the possibility of outer beam yielding, requiring 
an elastic behavior from the brace. The brace sections obtained after the stability 
verification, described in section 3.2.3.3, were checked to have a sufficient factored 
resistance to sustain the forces developed by the fully yielded and strain-hardened link. 
The Clause 27.7.9 specifies that these forces are equal to 1.30 RyVp, the same as for the 
outer beams. 
Applying the procedure adopted from Kasai and Han, the brace axial force Pbrace can be 
determined from vertical equilibrium: 
Pbrace(lefi)=-Phrace(right) = Vu
 L 1 
L - e sin fi [3-10] 
Gravity axial force coming from the distributed gravity load on the beam is added to 
Pbrace, considering the tributary area. The procedure adopted to distribute the link end 
moment between the outer beam and the brace is as follows: 
• The flexural rigidities of the beam and brace were determined, taking into 
account the effect of the axial load on the stiffness (see section 3.2.4.2). 
• The link end moment was distributed between the beam and the brace in 
proportion to their flexural rigidity. 
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• The moment assigned to the beam was verified to be smaller than the capacity 
of the beam with tensile axial load, if so the beam takes as much as beam can 
support and send the rest to the brace. 
• The braces are verified for the determined forces and appropriate sections 
modifications are done if necessary. 
• Following the braces modifications, the flexural rigidity of the beam and brace 
were recalculated and another redistribution of the moments for the changed 
section properties is done. 
The part of the bending moment transferred to the brace assuming the above described 
procedure was obtained as: 
Mbrace = Mtrans ~ M beam [3-11] 
In the above formula Mtims was determined with the forluma 3.3 and Mbeam was 
determined with 3.6. The brace sections were then verified as beam-columns in 
conformity with Clause 13.8.3 (14 storey structure with HSS brace sections) and with 
Clause 13.8.2 (20 and 25 storey structures with W brace sections). When using these 
interaction equations the brace effective slenderness ratios were set to Kx= 1.0 for the in 
plane behavior and Ky= 0.9 for out of plane behavior. 
Modifications of the braces from the bottom storeys for all the structures were necessary 
to grant the strength and stability of these members. The process of choosing the 
adequate braces sections converged for suitable solution in one to two steps of iterations. 
3.2.4.4 Column design considerations 
The columns have to be designed for the forces resulting from the yielding links together 
with gravity loads. The gravity forces in the columns arising from load combination no.2 
1.25D+1.5L+0.5S are also calculated and the verification of the columns for these forces 
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is done. Depending on the magnitude of the forces coming from links, it is possible that 
for the top tier storeys the load combination with the gravity, live load and snow to 
control the column design. 
The axial force in the column due to earthquake loads can be calculated as: 
Kol = Kol + Klce S i n P ± Vbeam [3-12] 
where P1+1coi and P
1+1brace are the axial forces immediately above the column considered 
and Vbeam is the shear force in the beam. The gravity axial force considering the loading 
on the appropriate tributary area is added to Pcoi. When calculating the forces transmitted 
from the links the coefficient 1.15 is applied to the ultimate force in the link and only for 
the top two storeys this coefficient is equal to 1.30, as it was taken for the other elements 
(i.e. beams and braces). The simple summation was used to evaluate the axial forces that 
develop in the columns based on the assumption that all the links from the EBF will yield 
at the same time. The column interaction equations Cf/Cr, describes in section 2.2.2.2, 
were used to verify the capacity of the columns for the seismic forces. The columns were 
also verified for the combination of gravity loads and they were checked as columns in 
axial compression only. 
3.2.4.5 Verification of the inelastic link rotation 
The verification of the inelastic link rotation concludes the design process. The structure 
compliant with strength, stiffness and capacity design requirements was used for a new 
static analysis in order to obtain the elastic inter storey drifts. The summary of the frames 
sections and the estimated values of inelastic link rotations are presented in Tables 3.16 
and 3.17. To estimate of probable inelastic storey drifts the elastic inter storey drifts, 
determined for factored seismic loading plus the equivalent P-A forces, were calculated 
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using the formula 2.8., discussed in section 2.2.2.1. Following the inelastic drifts 
determination, the inelastic link rotations can be calculated using the above formula: 
LA. 
7~ e hs [3-13] 
Where L is the span of the EBF, e is the length of the link segment, hs is the storey height 
and Ain is the inelastic storey drift. This formula is based on a rigid plastic collapse 
mechanism that is supposed to form in the EBF, with the plastic deformations confined in 
the link segment. 
The numerical values of y are verified to be under the code limit (0.08 radians), the 
maximum admissible value for the pure shear links. Note that in the static analysis 
performed the columns were axial restrained when the determination of the 
displacements was performed, as specified in the Commentary of CAN/CSA-S16S01-05. 
3.2.5 Parametric study of the link length 
The length of the links for all the frames was fixed to 800mm. To verify the 
appropriateness of this choice, an additional study was done for the 14-storey structure, in 
order to investigate the sensitivity to the variation of the link's length. A shorter link of 
only 600 mm was chosen to carry out the same design steps and to observe how the final 
verification, the inelastic link rotation is changing. The shortness of the link brings more 
rigidity to the frame and enables us to select smaller beam sections. This also leads to the 
selection of smaller braces and columns, thus to an economy in the quantity of steel used 
in the frame. Although an improvement for the stiffness and stability verifications can be 
achieved, for the verification of the link rotation we can observe a significant increase of 
the inelastic link rotation y. This increase is due to the higher ratio of the span of the 
frame to link length, L/e, by which the rotation of the storey, 0, is multiplied in order to 
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obtain the inelastic rotation of the link. It was also observed that imposing longer links 
will limit the possibility to choose optimal sections, especially for the upper storey. In the 
top tier, usually the selection of the section is based on the condition to have links that 
yield in shear (e < 1.6 Mp/Vp) and a higher e value, length of the link, will impose 
stronger sections than necessary. 
3.3 Discussion of the results 
3.3.1 The14 storey structure 
During the design process, many member sections were modified which resulted in 
increase of the structural mass. Note that the lightest sections compliant with design 
requirements were always selected. The Tables 3.9 and 3.10 present the selected columns 
and braces at the end of strength, stiffness and stability design phase, the total mass of 
each group of sections and the modal periods obtained. By examining the total masses of 
the braces and columns, it can be seen that the masses increased from strength to stiffness 
and thereafter from stiffness to stability phase. 
As can be seen from Tables 3.9, the governing design criterion for Vancouver was the 
total inter-storey drift. The total mass of the braces increased by 83 percent, from strength 
to stiffness phase, and the mass increased more by 20 percent from stiffness to stability. 
The mass of the columns increases by 60 percent to satisfy the stiffness requirement and 
by 38 percent for stability. During the stability verification, where the total drifts of the 
frame were calculated for a higher seismic forces with the P-delta effects included, the 
total drifts in the top storeys control the design. In order to control the large 
displacements at the top storeys of the EBF, stronger braces are chosen only at these 
locations. The value of U2 coefficient determined at the end of P-A iterations was under 
the permissible value of 1.40. If we examine the capacities of the braces in capacity 
design step versus the solicitation forces, the braces from the top half of the frame are 
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stronger than what it would be necessary to sustain the seismic forces, and in the lower 
part of the frame the brace section capacities are insufficient. Therefore the braces in 
storeys 1 to 4 were replaced with stronger sections. Capacity design did not introduce 
significant column section changes in the frame configuration, except for the storeys 11-
12, where the columns were replaced with a W310x143 section due to section class 
condition. The median value of the Cf/Cr ratio for the columns is 0.63, when the admitted 
maximum value can be 0.85. As can be seen from the Table 3.16, the observed values of 
inelastic rotations of the links (for Vancouver are bellow the design limits is and 
conservative for the top storeys. 
For the Montreal structure the selected member for all design phases are shown in the 
Table 3.10. The total inter-storey drifts produced by the seismic load combination were 
all below the NBCC limit. The structure configuration presented in Table 3.10 compliant 
with stiffness requirements is in fact the one for which the storey drifts under the wind 
load combination respect the code limitation on displacement of 1/500 hs (7.4mm) for 
serviceability limit state. The mass increases for this phase are 35 percent for the braces 
and 12 percent for the columns. From the stiffness phase to stability these mass increases 
are much more significant (87 percent for the braces and 104 percent for the columns). At 
the verification of global frame stability for the structure from Montreal, it is the 
requirement for the U2 value smaller than 1.4 that imposes the use of stronger columns. 
Examining the frame configuration in Table 3.10 it can be observed that the top storeys 
have lighter braces than for the Vancouver structure. For the Montreal structure, on the 
other hand, stability requirements imposed larges increase in structural mass. The 
stability requirements resulted in the frame configuration for Montreal that is not very 
different from the one in Vancouver regardless large difference in seismic base shear for 
the two locations. Minor changes in brace and column sections were required to meet 
ductility requirements. The braces at the bottom storeys 1 and 2 and the columns in 
storeys 9 and 10 had to be changed one size up. The columns have a median Cf/Cr ratio of 
0.55, and only the columns in storeys 9-10 needed to be changed to meet design 
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requirements. The inelastic rotations of the link, presented in Table 3.17, have the 
maximum values of 0.04 radians in the lower half storeys. The total inter storey drifts 
calculated for the seismic combination including the P-A effects, were half of the code 
limits 0.025 hs. 
3.3.2 The 20 storey structure 
Some of the trends observed for 14 storeys in Vancouver are similar to the structure with 
20 storeys situated in Vancouver. The first is the large increase of the mass from strength 
to stiffness phase; the mass of the columns was doubled and the mass of the beams was 
increased by 10 percent. Two main reasons can explain this observation: the very large 
inter storey drifts in strength design phase, up to 2.5 times higher than the code limit, and 
the necessity to use the plain square sections (STE) for the columns. The drifts for the 
wind in the serviceability limit stat case are below the limits from NBCC. The mass 
increase to satisfy the stability requirement is similar to the one observed for the 14 
storey structure: 36 percent for the braces and 25 percent for the columns. The 
modifications of the braces and columns after the P-A iterations were necessary in order 
to keep the total drifts in the code limit, thus it can be said that the total drift was the 
controlling parameter of the design. The coefficient U2 attains maximum values of 1.37 at 
the middle storeys of the frame. During the capacity design the braces sections from 
storey 1 to 8 had to be changed. No modifications of the column sections were necessary. 
The columns that had more than sufficient resistance, with a median value of Cf/Cr ratio 
equal to 0.35. The inelastic rotations calculated for the links have values about 0.06 
radians, thus remaining within the maximum permitted rotations of 0.08 radians. 
The 20 storey frame situated in Montreal selected in the strength design phase, presented 
in Table 3.12, had seismic inter-storey drifts 1.5 times higher than the code limit. To 
comply with the stiffness requirement increases of 16 percent in the mass of the braces 
and 82 percent for the columns were needed. The frame sections selected after this step 
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are presented in Table 3.12. Similarly to the 14 storey frame the high displacements were 
obtained for the wind load combinations. The calculated wind drifts for the frame 
configuration, presented in Table 3.12, were around 10mm. Stability design requirements 
for the seismic load combination introduced an augmentation of 78 percent in the mass of 
the braces and 128 percent for the columns. The controlling parameter for the global 
stability was the maximum allowable value of U2 factor, while the total drifts values, 
calculated for the P-A amplified seismic forces were all below 60mm. In the ductility 
design phase, only the modification of two bottom braces from W310x143 to W310x158 
section was required. The median value of the Cf/Cr ratio for the columns is very close to 
the one found for the 20 storey Vancouver: 0.32. The inelastic link rotations were all 
under the value of 0.04 radians. 
3.3.3 The 25 storey structure 
The 25 storey Vancouver structure selected in the strength phase (see Table 3.13) had the 
total drifts due to seismic forces three times larger than the NBCC 2005 limit. The 
frame's selected sections obtained in the stiffness phase in presented in Table 3.13. As it 
can be seen stronger braces were selected at the top storeys to control the displacements 
which attained maximum values at these locations. For the braces 36 percent more steel 
was needed and for the column an increase of more than double in their mass was needed 
to control the seismic drifts. Compared to the 20 storeys Vancouver in the same design 
step, the increase of the column mass is almost the same. In the stability verification it 
was the necessity to limit the storey drifts produced by the lateral seismic force with P-A 
effects that controlled the design, while the stability coefficient U2 reached a maximum 
value of 1.37. The braces in the bottom five storeys were changed in the capacity design 
phase. The average use of the columns' capacity in compression is about 0.27. The 
inelastic link rotations for all links were below the NBCC 2005 limit. 
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For 25 storey structure situated in Montreal, the specified sections for each design step 
and the total masses of each group of members are presented in Table 3.14. The drifts in 
the strength configuration were 1.8 times higher than the target limits. In order to restrain 
these drifts to 92.5 mm an increase of 11 percent in the mass for the braces and 127 
percent increase for the columns was needed. The stability verification imposed a more 
severe increase in the masses of the braces and columns, 120 percent and 154 percent 
respectively. During the ductility design process no further modifications of the braces 
and columns were required with a Cf/Cr columns ratio having an average value of 0.22. 
The link rotations were all well below the design limits. 
3.4 Second design using the spectral distribution of the seismic 
force 
The six frames designed in the preceding sections, (14, 20 and 25 storeys) for the two 
Canadian locations Vancouver and Montreal, having the final sections selection as 
presented in Tables 3.16, 3.17, were used to perform three-dimensional dynamic analyses. 
The tall structures response can be significantly influenced by the higher modes of 
vibration and it is thus important to consider these effects more directly in the analysis. 
To examine this aspect an additional study, for the 14 storey structure, was carried out 
and the influence of the modes of vibrations on the spectral distribution of the seismic 
force is discussed. The results of this study are presented in Section 3.4.1. 
The 3D response spectrum analyses were initiated using the structures proportioned on 
basis of equivalent static load profiles and fully compliant with all design requirements. 
The spectral forces obtained from these analyses were normalized to the empirical base 
shears and were used to perform a second design, following the same steps as in the first 
EBF design. The results of these two separate designs were compared to investigate the 
influence of spectral distribution in the selection of the EBF members. 
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The maximum modal responses were combined using the complete quadratic 
combination (CQC). Number of modes was selected to reach 95 percent of the 
participating mass of the building in both orthogonal directions. A damping of 5% of the 
critical damping for each mode was employed and accidental torsion is included by 
applying horizontal torsional moments at each storey level calculated as the horizontal 
seismic force at the level times 10% of the building plan dimension. P-A effects are not 
included in the 3-D analysis, but were accounted for in 2-D analysis once the spectral 
distribution of seismic force was obtained. In the Visual Design 3D model, the gravity 
columns were assumed to be continuous and the beams to be pin connected to the 
columns. The floors were modeled as rigid diaphragms at each level and the gravity loads 
used for the spectral analysis were uniformly distributed over the slabs areas. Four EBF 
frames, two in each direction, are positioned in the building configuration according to 
the building plan (Figure 3.1). The EBF frame configuration was the one obtained at the 
end of capacity design and the modeling is identical to that presented in Chapter 3.2.3. 
The elastic base shear obtained from the analysis was reduced in accordance with NBCC 
2005 provisions and the dynamic shear force Vd is compared to 0.8V, where V is 
determined using equivalent static force method. Note that the base shear force, V, was in 
fact the minimum base shear calculated for the period of 2.0 seconds, discussed in the 
previous chapter and identified as Vmin. As permitted in the code for the regular structures 
if Vd is smaller than 0.8V the base shear force will be taken equal to 0.8V. A summary of 
the base shear forces obtained following the equivalent static force procedure and the 
response spectrum method are presented in Table 3.18. The table presents the empirical 
base shear V, 80 % of V, the spectral value of the shear Vd and the design shear Vd,fmai 
chosen as the max imum between the 0.8V and Vd- As it can be seen from the table for all 
but the 14 storey structure in Vancouver, the spectral values of the base shears were then 
80 percents of the base shear obtained by the equivalent static force method. Thus, it can 
be concluded that the assumption of reducing the base shear force at 0.8V, described in 
section 3.1, is justifiable. 
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3.4.1 Sensibility to the frame configuration 
The spectral design was done for frames configurations fully compliant with all design 
requirements and a further study using the 14 storey structure was considered necessary 
to see if the initial structure selection impacts the resulted forces. Note that the sections of 
the beams were the same for the all three structures and selected based on the adequate 
inelastic shear resistance for factored seismic loads. Three different approaches were 
considered to select brace and column sections: 
a) braces and columns selected uniquely on basis of the strength requirement, 
configuration from Table 3.9 to 3.14; this design is referred to as Structure 1 
b) braces and columns fully compliant with all the design requirements; Tables 3.16 
to 3.17; this design is referred to as Structure 2 
c) the same sections selected for all columns and braces respectively, the sections of 
these being identical with those chosen in first storey of the Structure 1; this 
design is referred to as Structure 3 
The values of first periods for Vancouver are: 
• 3.75 seconds for the structure 1, 
• 2.61 seconds for the structure 2 and 
• 3.36 seconds for the structure 3. 
For Montreal structures the first periods are: 
• 3.94 seconds for the structure 1 
• 2.72 seconds for the structure 2 and 
• 3.52 seconds for the structure 3. 
The shear force distribution over the frame height obtained for three above-mentioned 
trial structures is shown in Figure 3.7 for Vancouver and 3.8 for Montreal. As can be seen, 
the magnitudes of the shear forces are found to be similar, thus it could be concluded that 
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the small variations of the frame sections do not have a significant impact on the spectral 
force distribution over the height. 
3.4.2 Contribution of different vibration modes on the spectral 
force distribution 
Another study was carried out to investigate the importance of the contribution of 
different vibration modes to the resulting spectral force. The purpose of this study was to 
determine the change, that each vibration mode brought, in the shape of the spectral force, 
and to establish a minimum number of vibration modes that need to be considered, in 
order to obtain a realistic spectral distribution. Analyses with 1 to 4 participating modes 
were done and the distribution of the spectral force obtained is plotted in Figures 3.9 and 
3.10. 
As can be expected, the spectral force obtained considering only the first mode has a 
linear distribution over the height and it resembles to the distribution obtained using 
equivalent static force method that provided basis to designs discussed in sections 3.2. 
The first mode distribution is clearly distinctive from the distributions with multiple 
modes participation and the differences decreases with the increase in the number of 
modes. More evident differences are observed in the force profiles calculated for the 14 
storey Montreal, while for Vancouver the spectral force distributions are much closer 
regardless of the number of modes considered. Based on the results of these study it was 
concluded that, for both locations, it is important that at least the first two vibration 
modes be included in the seismic force calculation, in order to represent the shape 
specific for a spectral force distribution. However the spectral forces computed for the 
second design of the six frames, were calculated based on the first ten modes for each 
structure. 
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3.4.3 Particularities of design based on the spectral force 
distribution 
New link sections were determined first for the loads introduced by spectral seismic 
forces. The selected sections are presented in Tables 3.20 and 3.21. The same design 
principles, as described in section 3.2., were followed and the effort was made to keep the 
link strength factors a similar to those obtained in design based on equivalent static force 
profile. Modified seismic force distribution resulted in 5% of reduction in the mass of the 
beams. 
The braces and columns are initially selected based on the strength requirements for all 
the code defined load combinations. The results indicate that the wind combinations 
governed the selection of the braces and columns for all six structures. The exceptions 
were the top storeys of the frames where gravity loads governed design for Montreal's 
structures and the seismic load combination for Vancouver's structures. The total mass of 
the EBF frames is similar to the mass obtained using equivalent static force profiles, the 
highest differences being around 2%. 
The stiffness design step brought a reduction in the mass of the frames of approximately 
20% compared to the initial design, for the structures situated in Vancouver. For the 
structures situated in Montreal no significant changes were observed for 14 and 20 storey 
frames, however for 25 storeys the total mass was 23% higher compared to the initial 
design. 
The verification for the stability of the frames introduced some changes compared to the 
initial design. While in the initial design all the three structures from Vancouver were 
controlled by the limitation of the inter storey drifts in the top storeys, now the design 
was governed by the stability coefficient U2 for 14- and 20-storey frames. The exception 
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is 25 storey Vancouver where the inter storey drifts from the top storey reached first the 
code limit, before the coefficient U2 become greater than 1.4. Another important 
difference was the necessity to use W sections for the braces in the 14 storey Montreal 
structure, as otherwise it was impossible to restrain the value of the stability coefficient 
U2 to 1.40. In spite of the observed differences in design process, as can be seen from 
Tables 3.20 to 3.23, the total masses of the original and the modified design is very 
similar, reaching the maximum value of about 9 percent for 20-storey frame in 
Vancouver. Similar to the initial design, ductility requirements imposed minor changes of 
the brace sections and no columns modifications, for all six frames. 
3.5 Conclusions 
In this chapter a design procedure was applied in order to obtain EBFs that satisfy all 
code requirements. The initial frame configuration was selected based on strength, 
stiffness and stability requirements. Ductility design was performed afterwards as well as 
the verification of the inelastic rotations of the link. The established design sequence 
(strength, stiffness, stability and ductility design) are found to be appropriate for the 
range of frame heights and the locations studied. At each design step, the impact of 
different design criteria on section selection has been studied in detail and the following 
observations were made: 
In the strength design phase, wind load combination governed the design of frame 
members. As a direct consequence, high overstrength was introduced in the link 
beams of all frames situated in Montreal. 
In the stiffness design phase, an important increase in the mass of the structures 
designed for Vancouver was necessary in order to limit the total inter-storey drifts 
produced by the seismic forces. For the three structures in Montreal a smaller 
mass increases was observed in this design phase and was mainly required to limit 
the elastic inter-storey drifts caused by wind forces. 
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The parameter that governed the design for the structures situated in Vancouver 
was the inter storey drift, calculated for the P-A amplified seismic force. For the 
Montreal structures, the stability verification was governed by the requirement to 
limit the coefficient U2 to the NBCC limit. 
- In the capacity design process (ductility design phase) only the braces at the base 
of the structures needed to be modified, while column had large reserves of 
strength due to the fact that other requirements (stiffness, stability) controlled the 
design. 
The inelastic link rotations verification did not govern the design of the frames. 
The new CSA S16S01-05 provision suggest to restrain axial deformations of the 
columns, when calculating the inter-storey drift that should be used in the 
empirical equation to calculate gamma (see section 3.2.4.5.). This is done to 
eliminate the chord drift that should not influence the inelastic link rotations. The 
higher the frame, the more important the deformation due to chord drift will be 
and the total elimination of this deformation is therefore questionable for high rise 
frames. 
Secondary analyses to estimate link rotations that contain the deformations due to 
columns axial elongations yielded rotation values that go beyond the standard limit. 
Therefore it is of interest to see how dynamic total drifts and inelastic link rotations 
compare with the estimated design values. 
The sequences of design steps described in section 3.2, are considered to be appropriate 
for the two location zones, as the section modifications were observed to follow a 
continuous increase in section capacities. Thus, the ductility design for tall EBF is not the 
governing design, but rather other design requirements as stiffness or stability govern the 
design for both western and eastern locations. For some frame members, other load 
combinations, which do not include the seismic load, dictate the selection of the EBF 
members. 
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Due to the necessity to satisfy other design requirements than the ductility design, a high 
overstrength is introduced in the members of all EBF frames and especially the columns 
were oversized as the height of the frame increases. Comparing the frames conceived for 
Montreal with those from Vancouver, the overstrength of the Montreal frames is much 
higher, a fact that reflects on the values of the estimated link rotations. 
The variant design using the spectral distribution of the force was done to yield the 
possible differences in the frame member selection. The assumptions made in the 
calculation of the empirical seismic force, an estimated period of 2Ta and the reduction to 
80% of the force are found to be justified, as the spectral analyses showed that the value 
of the spectral base shear was equal to 0.8V, where V was calculated for a period equal to 
2Ta . The complete EBF design regardless of the use of equivalent static force 
distribution or the spectral force distribution yield almost identical frame configurations, 
thus the seismic load distribution had negligible effect on frame design. Therefore it was 
decided that the structures designed using the empirical seismic force distribution will be 
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Mass [kg] 7530 
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Total mass of the 
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Table 3.18 Summary of the seismic forces obtained using equivalent static force 
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Table 3.22 Summary of selected sections after ductility design - Spectral design (Vancouver) 
14 storey structure 20 storey structure 25 storey structure 
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Figure 3.3 Members connections in the EBF model 
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Figure 3.4 Simple static approach to obtain the link shear force 
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Figure 3.7 Seismic spectral force profile Vancouver 
Figure 3.8 Seismic spectral force profile Montreal 
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Figure 3.9 Contributions of higher modes to the seismic base shear (Vancouver) 
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Figure 3.10 Contributions of higher modes to the seismic base shear (Montreal) 
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CHAPTER 4. CONSIDERATIONS FOR THE NONLINEAR 
DYNAMIC TIME HISTORY ANALYSIS 
The first part of this chapter describes the methodology used to select the ground motions 
for the non-linear time history analyses. The elastic spectra of the historical and artificial 
records are computed and scaled to match the design acceleration spectra. The second 
part of the chapter presents a overview of the PC-ANSR1 computer program, followed by 
the details regarding the EBF modelization used in the present study. A description of the 
adopted and developed tools used for the post processing of the non-linear results 
concludes the chapter. 
4.1 General considerations for the ground motions 
NBCC 2005 requires the use of ground motion records for linear and non-linear time 
history analyses that are compatible with the median 2% in 50 year uniform hazard 
spectra (UHS), in order to represent the level of forces used in the design for the selected 
locations. Table 4.1 gives the 5% damped uniform hazard spectral ordinates for 
Vancouver and Montreal for firm ground conditions. It is considered that a ground 
motion is compatible with a given design spectrum if the response spectrum of the 
ground motion is in close match to the design spectrum for the period range of interest. 
The period range of interest should be established so that it contains all the periods of the 
modes that dominate the response of the studied buildings. 
Different approaches can be used to obtain spectrum compatible ground motions. 
Historical records representative of design locations can be selected based, for instance, 
on the combination of magnitudes and epicentral distances that contribute most 
significantly to the seismic hazard of design location and then scaled to match design 
spectrum. Another approach could be to generate artificial records that are compatible 
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with the design spectra. The later approach is particularly interesting for the regions when 
there are no sufficient recordings of historical ground motions or when the available 
accelerograms do not correspond to the seismo-tectonic characteristics of the design 
location. 
The first approach that uses the real records is appropriate when the ground motions 
correspond to the magnitude-distance (M-R) range and tectonic environment conditions 
at the site. The available earthquakes from North America, outside of California to meet 
these conditions are very few for either eastern or western Canada. Consequently, for the 
western Canada historical earthquakes from California region can be selected and scaled 
to correspond to the western Canadian conditions. 
The use of California ground motions, according to Tremblay and Atkinson (2001), 
would be inappropriate due to the different site characteristics which affect the amplitude 
and frequency content of the accelerograms. Also for the eastern Canada there are no real 
ground motions available that can be used in the analyses because: the Californian 
ground motions are not compatible with the seismo-tectonic environment of the eastern 
Canada and the available eastern earthquakes (i.e. Saguenay earthquake) may be 
inappropriate to be used due to the high values of the low pass accelerograms filters, 
which cause the lost of the low frequency content. Thus, simulated artificial records were 
adopted as an alternative solution for the Montreal region. The advantage of these 
artificial records is that they represent the generalization of past events concerning the 
average amplitudes and frequency content as a function of magnitude and distance. 
Recent studies (Naumoski N. 2006) investigated the effects of different types of seismic 
records on the structural response of medium-height buildings. It was found that artificial 
accelerograms compatible with the design spectrum, method described by Naumoski 
(2001) and real accelerations scaled to spectral area produce similar structural responses, 
but the simulated accelerograms using the method proposed by Atkinson and Beresnev 
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(1998) produce larger response results than the other records. Naumoski and al. (2006) 
also recommended the scaling of real accelerograms to spectral area as the preferred 
method to obtain spectrum-compatible accelerograms. 
The elastic response spectra can offer relevant information on the amplitude and 
frequency content of each ground motion, and scaling based on the spectrum 
compatibility seems reasonable. However, the other characteristics of the earthquake 
records such as intensity, frequency, duration of strong motion, number of pulses, and the 
pulse intensity can have a great impact on the structural response, particularly in inelastic 
range. For these reasons, different characteristics of selected ground motions were closely 
examined in this study to justify the final record selection. 
The ground motions were separated in short distance records (i.e. earthquakes recorded 
within a distance less than 50 km) and long distance records (i.e. earthquakes recorded 
from a distance longer than 50 km), to illustrate any possible differences in the motion 
characteristics and later in the response of the structures. The most appropriate way to 
highlight the characteristics of these earthquakes was to plot the response spectrum for 
each of them, in groups of short or long distance motions and compare their match with 
the NBCC spectrum. 
4.1.1 Selection of the ground motion records and calculation of 
various parameters 
For the purpose of this study, an ensemble of ten historical earthquake records was 
selected from PEER database for Vancouver plus an ensemble of ten artificial records 
from Atkinson's database. For Montreal only one sets of ten simulated ground motions 
were chosen, ground motions that were also taken from Atkinson's database. The 
scenario events, that make dominant contributions for the specified probability of 
exceedance of 2% in 50 years, are presented in Table 4.2 for the two locations. All the 
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ground motions are chosen to be representative of the site Class C conditions, with a 
characteristic shear wave velocity varying between 360 and 760 m/s. 
The historical records are presented in Tables 4.3 and 4.5. These records were adopted 
from Lacerte (2005), with one revision for the earthquake number four from the group of 
short distance events. The initial selection of recorded ground motions for Vancouver is 
based on the combination of earthquake magnitude and epicentral distance, together with 
the site conditions corresponding to the conditions assumed in the design. The tables 
present the magnitude, the hypocentral distance, the peak horizontal acceleration (PHA), 
the peak horizontal velocity (PHV) of the original ground motions and the scaling factor 
Sf. The discussion regarding the scaling of the accelerations is enclosed in the section 
4.1.2. 
The parameters of a ground motion such as the PHA and a/v ratio can be related to the 
intensity of the event and are a good estimate for the initial selection of an event for 
certain location criteria match. The number of zero crossings and the predominant period 
of strong shaking are related to the frequency content of the motion. The lower number of 
zero crossings along with a longer period of strong shaking can have a higher impact on 
the response of the structure. It can also be the case for a ground motion with acceleration 
pulses. The characteristics for categorizing the strong shaking of an earthquake are the 
durations listed at number 6 to 10 in the following paragraph. These indices of duration 
also give information on the content and accumulation of the energy. For the reason that 
the mentioned parameters are sometimes difficult to match at an adequate tolerance, the 
closed match of the spectra to the UHS and a scaling factor close to 1.0 are also 
considered important selection criteria. 
For the chosen records the elastic response spectra are plotted and the ground motion 
parameters are investigated to determine the suitability in the group ensemble. The 
indices to describe earthquake records were selected according to Christopoulos (1998) 
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and include the amplitude of the ground motion, the frequency content of the excitation 
and the duration and time of occurrence of maxima. To establish these indices several 
parameters were calculated: 
1. PGA(g): Peak Ground Acceleration 
2. Time of occurrence of the PGA (in seconds) 
3. A/V ratio: the ratio of peak ground acceleration in units of g to peak ground 
velocity in m/s. 
I 1 <0 
4. RMSA: Root Mean Square of acceleration: aRMS = I— J [a(t)]
2 • dt , where a(t) 
\ro o 
is the acceleration and to is the total duration of the accelerogram. 
5. Arias intensity, la (Arias,1969): Ia=—f[a(f)]
2rfr , where a(t) is the 
28i 
acceleration and t is the total duration. 
6. Bracketed duration: the time between the first and the last excursion of a 
specified level of acceleration (default is 5% of PGA). 
7. Uniform duration: the total time during which the acceleration is larger than a 
given threshold value (default is 5% of PGA). 
8. Hudser duration: the time necessary to accumulate 90% of the total energy 
(energy measured with the Arias Intensity). 
9. Energy related duration: time necessary to attain 95% of the total energy. The 
energy is based on the Arias Intensity. 
10. Trifunac-Brady duration (1975) or the significant duration: the time necessary 
to accumulate between 5 % and 95 % of the total energy (energy measured with 
the Aria's Intensity) 
11. Number of zero crossings (NZC) 
12. Predominant period: the ratio of the total duration to 2 times the number of zero 
crossings. 
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13. Spectral Intensity based on acceleration (ASI) the area under the pseudo-
acceleration spectrum between periods of 0.1 s to 0.5 s for 5% of critical 
damping. 
14. Spectral Intensity based on velocity (VSI): the area under the pseudo-velocity 
spectrum between periods of 0.1 s to 2.5 s for 5% of critical viscous damping. 
The above mentioned indices and the elastic spectra were calculated using the program 
SeismoSignal (2007). The Tables 4.4 and 4.6 give the values of the calculated parameters 
for the short and long distance historical earthquakes for Vancouver respectively. 
The simulated ground motions are adopted from Atkinson (1998)'s generated set of time 
histories and scaled using the "fine-tuning" factors recommended by the author. Trials 
from magnitude-distance combination different from the ones presented in Table 4.2 
compose the ensembles of ground motions. Artificial records corresponding to 
magnitude-distance scenarios recommended by Atkinson were first selected, but to cover 
more broadly the contributions to seismic hazard at design location, other M-R 
combinations were included. It is believed that these combinations offer a better covering 
for the seismic hazard at the site locations. The characteristics of the two groups of 
artificial earthquakes for Vancouver and Montreal are presented in Tables 4.7 and 4.8. 
The artificial ground motions are proposed for different combinations of M-R, where M 
is the earthquake magnitude and R is the epicentral distance, for different locations in 
Canada. The ten artificial motions chosen for Vancouver are in groups of two signals for 
each of the following M-R combinations: M=6.0 R=20km, M=6.5 R=30km, M=6.5 
R=50km, M=7.2 R=30km and M=7.2 R-70km. Similar to the artificial motions for 
Vancouver, the ground motions for Montreal were selected in set of two from the 
following M-R combinations: M=6.0 R=30km, M=6.5 R=50km, M=7.0 R=50km, M=7.0 
R=70km and M=7.0 R=100km. 
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4.1.2 Elastic spectra for the records 
In the process of the scaling factor calculation for the ground excitations, the elastic 
spectrum of the earthquake is a key element to define the compatibility with the design 
spectrum. The final values of scaling parameters can greatly vary in function of the 
scaling method selected, which can have significant impact on the results, particularly 
inelastic displacements (Rozon 2009). The method used in this study to calculate the 
scaling factor for the historical records VI1 to V20 is adopted from Rozon (2009). The 
method proposed combines the matching of the areas under the curves of the acceleration 
response spectrum of the motion and the NBCC response spectrum with the subjective 
selection of the range of periods for which this matching is done. 
The ground motions were divided in two groups; the short distance accelerograms which 
are scaled to match the NBCC spectrum in the period range 0.2 s to 1.0 s and the long 
distance accelerograms which are calibrated for the period range 1.0 s to 2.5 s. For the 
selected period range, the area under the spectrum was calculated by numerical 
integration using the trapezoidal method between the two period integration bonds. The 
scaling factors obtained for short and long distance earthquakes are presented in Tables 
4.3 and 4.5 respectively. 
Figures 4.1 to 4.4 present the acceleration and velocity spectra of the scaled historical 
ground motions used for Vancouver calculated using a 5 % damping ratio. The figures 
containing the elastic spectra are differentiated by groups of records (i.e. short distance, 
long distance) and they also show the median spectra for each group of records, short or 
long distance records and the NBCC design spectrum for Vancouver. As it can be seen in 
Figures 4.1 for the short distance records scaled to the presented scaling factors (Table 
4.3) have median spectra in close match with the NBCC spectrum for the period range 
0.2 s to 1.0 s. Similar comment can be made for the long distance records, the calculated 
median spectra are in close match with the NBCC spectrum for the period range 1.0 s to 
2.5 s. 
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The response spectrum of the ten scaled artificial records selected to be used for western 
Canada are presented in Figure 4.5. Figure 4.6 contains a comparison between the four 
groups of motions used for the Vancouver region: short distance historical, short distance 
artificial, long distance historical and long distance artificial. The four median spectra of 
each of these groups is presented together with the NBCC response spectrum. A close 
resemblance between the four spectra is observed for the period range 1.0 s to 2.5 s and 
higher acceleration values for the two groups of short distance records in the period range 
0.2 s to 1.0 s. The median of the short distance historical records present a peak with 
30 % higher than the NBCC spectrum for the period 0.2 s. Due to these differences it is 
possible that the Vancouver structures present some variations in the dynamic response 
and thus, it is considered necessary to distinguish between short and long distance records. 
The acceleration spectra of the ten artificial motions that were chosen for eastern Canada 
are presented in Figure 4.7. The represented spectra were calculated for the scaled ground 
motions, where the scaling factors were presented in Table 4.8. All the ground motions 
show an adequate match with the design spectrum specific for Montreal, with no 
differences between short and long distance records. 
4.2 Tools and the modeling assumptions for nonlinear time 
history dynamic analysis 
4.2.1 Presentation of the program PC_ANSR1 
The software used for the nonlinear structural analyses is a general purpose program 
named PC-ANSR1 developed at University of California, Berkeley by D.P.Mondkar and 
G.H.Powell (Mondkar and Powell 1975). Besides the nonlinear beam-column element 
which can be used to model the exterior beams, the braces and columns, the version of 
the program used in this study contains a special shear link element formulated by Ricles 
and Popov (1994). The shear link element from the program permits to appropriately 
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model inelastic behavior of shear links including the kinematic and isotropic strain 
hardening of the link. 
The Newmark's method of constant average acceleration (P=0.25 and y=0.50) was used 
to solve the integration of incremental equations of motion. The iterations to satisfy the 
equilibrium between two consecutive time steps were done using a constant stiffness 
method. A time step of 0.01 seconds or 0.005 seconds depending on the ground motion 
time step was used on the analyses. 
4.2.2 EBF model for the nonlinear analyses 
The EBF members were modeled using two types of elements available in PC-ANSR1: 
the shear link element and an inelastic beam-column element for the exterior beams, the 
braces and the columns. More details on the characteristics of the theoretical element 
types can be found in the section 2.1.3. 
The material modeling accounts for combined kinematic and isotropic shear strain 
hardening as well as kinematic flexural strain hardening. The isotropic shear hardening is 
represented as the expansion of the yield surface as a function of the length of the plastic 
shear strain trajectory. The explicit function of the isotropic hardening (Ricles and Popov 
1994) is expressed in function of the initial shear yield strength Vyo, AVmax the maximum 
shear yield strength after complete hardening and [3 a constant related to the expansion of 
the shear yield surface, determined from experimental data. The numerical values of 
these parameters were chosen to be the average value determined from the experimental 
results (Ricles and Popov 1994) and they are 2.68VP for AVmax and 8.336 for p\ 
The two-dimensional beam-column element used to model the other members of the 
frame considers moment-axial force interaction and accounts for inelastic flexural 
deformation without considering the buckling. The stiffness properties of each element 
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are defined considering the effective dimensions of the sections and a strain hardening of 
2 percent of the elastic stiffness. In the analysis it is assumed that the beams outside the 
link were modeled as inelastic elements, as long as the stability of the member is assured. 
This approach was adopted since the outside beam is less probable to remain elastic due 
to the high forces transmitted from yielding links. 
The yielding values of the EBF members were calculated considering the provisions of 
CAN/CSA SI6-05 discussed in section 2.2.2. Thus the first yielding level of the link was 
calculated considering a minimum yield stress equal to RyFy, and the following yielding 
levels as they were presented in Figure 2.5. The beam outside of link yielding value was 
the factored resistance multiplied by Ry/(|) and for the braces and columns their flexural 
and compressive capacities were calculated using the factored resistances. A scale factor 
of 10 was assigned to the braces and columns in order to assure their elastic comportment 
during the analysis. 
The frame was modeled considering the degree of freedom and connectivity conditions 
assumed in the initial design and described in section 3.2.1. The member also considers 
the reduction of their length due to the rigid offsets as: the gussets plates from the beam-
brace connection and the eccentricities between the column centerline and the pin 
connection with the beam. In the analysis the axial deformations of the link segment were 
restrained and thus the link rotations presented herein exclude the elastic component 
coming from the axial link deformation. 
The ANSR1 program does not feature the option to specify uniformly distributed loads as 
gravity loads on the beam-column element. Consequently, the gravity effects were taken 
into account on the columns by calculating and applying the total concentrated load at 
every storey. For the beams and braces initial forces resulting from these actions were 
applied as bending moments on the beams at the connection with the brace and as axial 
force on the braces. The initial member forces contribute to the beginning of plastic 
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action and geometric stiffness. For the modal analyses calculations, the mass of the 
building associated to one EBF was calculated from the total weight W and assigned as 
lumped at the nodes of the columns. 
The damping coefficients for the elements of the EBF were calculated based on the 
natural periods of the elastic structure. For this EBF model a form of non-proportional 
damping is used in which a global mass-proportional damping is assigned to all members 
and the stiffness-proportional damping only for the beams, braces and columns. It was 
found from previous analytical studies (Ricles and Popov 1994) that assigning viscous 
damping to the links lead to development of larger axial forces in braces and columns due 
to unrealistic ultimate link forces. The damping coefficients are calculated using a 3 
percent of critical damping for the first and third vibration modes. 
The P-A effects were accounted in the nonlinear analyses by adding an adjacent column 
to the EBF structure. The column has no rigidity on bending and the nodes are slaved to 
the nodes of the EBF columns. The gravity axial loads representing the tributary loads for 
half of the building are assigned at the nodes of the columns. 
4.3 Post-analysis processes 
Several post-processing programs were used to extract the response parameters of interest 
obtained by nonlinear time-history analysis. Some of these programs were adopted from 
Koboevic (Koboevic 2000) and modified to comply with the current design provisions. 
Other programs were developed within the scope of the present project. All the programs 
were written in FORTRAN (Lahey/Fujitsu 2007). 
The programs adapted from Koboevic were used to: 
• Verify the strength and stability of the members of the frame other than links for 
each time step under the forces induced by the earthquake loads. This 
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verification was done for the members modeled to respond elastically to seismic 
excitation. 
• Extract the maximum lateral forces acting on the EBF and their time of 
occurrence. 
• Calculate the maximum total inter-storey drifts from the displacements output 
files. 
Other similar programs were developed by the author to extract the following response 
parameters: 
• The maximum positive and negative inelastic link rotations at their time of 
occurrence. 
• The maximum positive and negative ultimate shear forces developed in the links. 
• The maximum values of the accumulated inelastic rotations developed in the 
outside beams. 
• The number of inelastic incursions in the braces and columns and the total time 
when these members were in the post yielding stage. 
The programs were conceived to permit their usage for different time steps of data output 
and a different number of storeys for the frame. 
4.4 Summary 
This chapter presented the selection of the ground motions to be used in the following 
nonlinear dynamic analyses. Ten historical and ten artificial ground motions were 
selected for Vancouver and only ten artificial motions for Montreal due to the lack of 
historical available earthquakes for the east Canada. The ground motions were chosen to 
correspond to the magnitude-distance (M-R) range and tectonic environment conditions 
at the site and they were scaled such that their elastic spectra match the NBCC design 
spectrum. The spectra of different groups of motions was plotted and compared and it 
was concluded that distinguished structural dynamic responses could appear especially 
between the long and short distance records. 
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The second part of the chapter describes the program ANSR-1, which was selected to 
carry out the nonlinear analyses. The main parameters of the program were discussed 
together with the type of elements used in the modelization of the EBF. The distinguish 
characteristic of the EBF model was that the beams were modeled as inelastic elements 
versus the braces and columns which were modeled as elastic elements. The chapter 
concludes with the description of the tools for the post-processing analysis and their 
features. 
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Table 4.3 Characteristics of short distance historical earthquakes 
No Event Magn. 
R 
(km) Station deg PHA(g) PHV(m/s) Sf 
V11 Jan. 17,1994 Northridge 
V12 Jan. 17, 1994 Northridge 
V13 Jan. 17, 1994 Northridge 
V14 Apr.24,1984 Morgan Hill 
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Figure 4.1 Scaled acceleration spectra for historical short distance records Vancouver 
•UHSVanc V16 — V17 V18 V19 V20 Median long distance 
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Figure 4.2 Scaled acceleration spectra for historical long distance records Vancouver 
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Figure 4.3 Scaled velocity spectra for historical short distance records 
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Figure 4.5 Scaled acceleration spectra for artificial records Vancouver 
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Figure 4.6 Comparison of median acceleration spectra for record groups Vancouver 
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Figure 4.7 Scaled acceleration spectra for artificial records Montreal 
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CHAPTER 5. RESULTS OF THE NLTHA AND THE 
DISCUSSION OF THE EBF's SEISMIC BEHAVIOUR 
The results of the nonlinear dynamic time history analyses are discussed in this chapter. 
The dynamic analyses were performed using the ground motions described in Chapter 4. 
The link performance is examined first in terms of normalized maximum shear force and 
maximum inelastic rotations. The behavior of the other frame members is analyzed with 
the tools described in Chapter 4 and the adequacy of the Standard S16S01-05 provisions 
is discussed. The global EBF response is examined through total inter-storey drifts and 
the seismic force profile on the frame. The relation between the inelastic link rotation and 
total inter-storey drift is studied and compared to the code method of estimating the link 
rotations. The results obtained in this study are presented in the form of the 50th and the 
84th percentile of the values of the response parameters obtained, for a set of ground 
motions. The 50th percentile values correspond to the demand imposed by the NBCC 
2005 design spectra, and thus to the scaled ground motions. However the variability 
introduced by the peaks of individual ground motions is better illustrated by means of the 
84th percentile from the results. 
5.1 Response of the links 
To quantify the inelastic behavior of links two response parameters were investigated, the 
inelastic shear rotation of the link and the maximum normalized link shear force. The link 
inelastic rotation is an important response parameter since it is directly related to the 
ductility of the frame. In the current standard the inelastic rotation of the link is limited to 
0.08 radians for the short links that yield in shear. The maximum inelastic rotations were 
examined for each structure in groups of ground motions at short distance versus ground 
motions at long distance, or the historical versus the artificial set. 
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It is likely that the maximum inelastic link rotation in a particular storey exhibits an 
extreme rotation in the positive or negative direction only, while in the other direction the 
value of the rotation is insignificant. Thus it is interesting to calculate the range of 
inelastic shear rotation or gamma range Yrange = (|Y
+|+| Y|)-
The maximum normalized link shear force is obtained by dividing the maximum shear 
force from NLTHA with the probable strength of the link value, where the probable shear 
resistance is equal to VpRy. The probable shear resistance was chosen as the norm to 
facilitate the study for coefficients of the forces transmitted from the links to the other 
members of the frame. Currently, these coefficients are 1.30 for exterior beams and 
braces and 1.30 for top tier columns and 1.15 to rest of the columns. 
5.1.1 Fourteen storey structure 
The maximum values of the inelastic link rotations are presented in Table 5.1 for 
Vancouver and Table 5.2 for Montreal. The results for Vancouver were arranged in 
groups of historical or artificial ground motions and differentiated by short or long 
distance motions. The division in groups was done to study the possible differences or to 
highlight the impact that a specific group of earthquakes can have on the global response. 
In the Figures 5.1 and 5.2 the graphic representation of the inelastic link rotations for the 
ensemble of all 20 ground motions is compared to the code limit. Analyzing these data 
the following observations can be made: 
a) The maximum link rotations ymax for the structure situated in Vancouver 
exceeded the design value in the upper storeys of the frame. The median 
values ymax went beyond the code limit in the 12
th and 13th storey, and the 84th 
percentile of the maximum inelastic rotation were almost double the code 
limit in top five storeys of the frame. In the lower half of the frame the values 
of the maximum link rotations were below the code limit 0.08 radians. For the 
frame located in Montreal both the 50th and 84th percentile of the inelastic 
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link rotations were below the maximum design values reaching about a third 
of the code limit 0.03radians. For Montreal the difference between the 50th 
and 84th percentile values was very small, but the structures exhibit the same 
tendency as the ones from Vancouver: higher link rotations in the upper 
storeys. 
b) Comparing the values of the ymax for different groups of ground motion (Table 
5.1) larger inelastic rotations are observed for the 84th percentile in the group 
of short distance events for both historical and artificial records compared to 
the groups of long distance records. In reverse, the median values show no 
particular trends for any group of ground motions. 
c) The increase of the inelastic rotations is noticed at the first storeys of the 
structure, with the 84th percentile values superior to 0.08 radians. 
The maximum range of inelastic rotations as can be seen from Table 5.7, for Vancouver, 
have similar values for all subsets of ground motions, with slightly higher values 
observed for the historical events at short distance. Considering the results for the 
ensemble of the twenty accelerograms, the maximum range of link inelastic shear 
rotations have median values below the limit (0.16 radians = 2 x 0.08 radians) and 84th 
percentile have values around 0.16 radians only for the upper storeys. For Montreal 
(Table 5.8) the maximum relative link rotations have values much lower than the limit 
and the maximum values observed at the top storeys are four times smaller than the limit. 
Tables C.l and C.2, from Appendix C, present the results for the maximum normalized 
link shear force for Vancouver and Montreal, respectively. A close resemblance can be 
observed between the numerical values obtained for different groups of ground motions, 
the maximum differences for both the 50th and the 84th percentiles being about 10 
percent. The Figure 5.3 presents the distribution of the 50th and the 84th percentiles of 
the link overstrength calculated from the data of all twenty events for Vancouver 
compared to the value of 1.3, the amplification force factor of the link as specified in the 
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Standard CSA S16S01-05. The maximum link shear forces follow the same tendency as 
the inelastic rotations, with higher values observed in the top five storeys. Here the 
median value of the link overstrength is 1.5, which corresponds to higher values observed 
in the experimental tests (Okazaki et al. 2005) for the short links. Figure 5.4 presents the 
link overstrength factors for the structure situated in Montreal. For this structure only in 
the top two storeys the amplification factor of 1.3 defined in S16S01-05 was attained. 
The links in the middle of the frame exhibit much less yielding and some don't even 
exhibit any inelastic behavior. 
5.1.2 Twenty storey structure 
The results obtained for the inelastic link rotations for Vancouver and Montreal are 
summarized in Tables 5.3 and 5.4. Figures 5.1 and 5.2 show the graphical representation 
of the 50th and 84th percentile for the ensemble of the twenty ground motions. The 
following observations can be made: 
a) For the structure situated in Vancouver the median values of the maximum 
inelastic rotations are below the code limit for all the links, but the 84th percentile 
value attains a maximum of 0.108 radians in the 15th storey. For Montreal the 
median of the inelastic rotations is around 0.02 radians for the top storeys, with 
84th percentile that reach a maximum rotation of 0.073 radians in the 18th storey. 
The rest of the storeys for the Montreal's structure have link rotations of 0.003 
radians, which is far below the code limit. 
b) While the median maximum link rotation is similar for all the groups of ground 
motions, the 84l percentile have superior values introduced by the artificial 
events as it can be observed on the results of the structure located in Vancouver. 
c) Previously, on the 14 storey structure Montreal and Vancouver it was observed 
that high inelastic rotations accumulate at the base of the frame. Similarly to the 
results obtained for 14 storey frame, the bottom storey links of 20 storey frames 
developed larger rotations at the base of the structure. For Vancouver structure the 
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base link rotations are higher compared to 14 storey frame, with a 50 percentile 
reaching 0.074 radians and 84th percentile 0.10 radians. 
The ranges of the link rotations of the 20 storey structures have values inferior to the 
maximum permissible value of 0.16 radians. The data presented in Tables 5.9 and Table 
5.10 show that the 84th percentile has maximum values of 0.12 radians in the upper 
storeys and 0.11 radians at the base of the frame for the Vancouver's structure, while for 
Montreal the 84th percentile have a maximum of 0.09 radians only in the upper storeys. 
As previously noted, the inelastic link activity for the structure situated in Montreal is 
minor compared to the links ductile behavior observed in the Vancouver structure. 
The maximum normalized link force presented in Table C.3 for the links in 20 storeys 
Vancouver has values that are higher compared to the factor specified in the standard 
CSA SI6-05 in six storeys in the upper half of the frame. The 50th percentile of 
normalized link force has values around 1.2 in the majority of the storeys, with greater 
values at the top that reach a maximum of 1.47 in the 17th storey. The distribution of 84th 
percentile follows the same tendency as the median with a general increase of 10%. As 
can be seen from the Table C.4, for the structure located in Montreal, the majority of the 
links present low levels of yielding and only the links from the top of the frame 
developed strain hardening with maximum values of 1.3. 
5.1.3 Twenty-five storey structure 
The inelastic link rotations, the relative link rotations and the overstrength factors for the 
two structures having 25 storeys exhibit the same tendencies as the structures with 20 
storeys. The results obtained for the maximum inelastic rotations are presented in Tables 
5.5 and Table 5.6 for Vancouver and Montreal respectively, while the Figures 5.1 and 5.2 
show the 50th percentile and 84th percentile values calculated for the ensemble of the 
records. The following observations can be made: 
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a) The median of the link rotations for the Vancouver structure has maximum values 
of 0.05 radians in the upper storeys and around 0.015 radians for the other links 
from the frame. The 84th percentile of the inelastic rotations are close to the 
median values except for the top storeys, where the values are more than double 
the median values, reaching 0.12 radians. The link rotations for the Montreal's 
structure present very small deformations, except for the top storey, where the 
median values are 0.025 radians and the 84th percentile are 0.047 radians. 
b) The maximum link inelastic rotations have similar values regardless the group of 
ground motions. 
c) The increase of the inelastic link rotations, observed at the base of the frame, are 
less pronounced for the 25 storey structure located in Vancouver than in the case 
of the 20 storey structure presented before. 
The relative link rotations for the 25 storey Vancouver are presented in Table 5.11 and 
for the 25 storey structure located in Montreal the values are shown in Table 5.12. The 
relative link rotations for all the storeys in the 25 storey structure located in Vancouver 
have values below the allowable relative rotation. The maximum of the 84th percentile is 
observed in storey 22 and it is equal to 0.133 radians. For Montreal the relative rotations 
are less than the rotations found in the Vancouver's case. The 84th percentile has 
maximum value in storey 23 and this is equal to 0.052 radians. 
The maximum normalized link forces are presented in Table C.5 for Vancouver and in 
Table C.6 for Montreal. The 50th percentile and the 84th percentile, for the structure 
situated in Vancouver, of the link normalized forces have values less than 1.3 in the 
lower half of the frame. Similar to the previous presented structures the upper links 
develop higher forces reaching the value of 1.5, link normalized force. For Montreal the 
links do not develop the expected overstrength, with the exception of the top storeys 
where a maximum 84th percentile of 1.36 link normalized force is observed. 
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5.2 The response of other frame members 
The behavior of the outer beam segments, the braces and the columns was monitored 
through the following two parameters: maximum value of axial force - bending moment 
interaction and the extent of overloading in the member. The later parameter was 
expressed through the number of inelastic excursions and the amount of inelastic 
rotations developed. Note that the beams outside the link segment were modeled to allow 
the inelastic behavior, but the braces and columns were considered to remain elastic 
during the entire motion. Thus for the beams the maximum accumulated rotation values 
can be examined and for the braces and columns the value of the interaction axial force-
bending moment and the number of inelastic incursions and duration of the inelastic 
behavior. 
A special attention was given to the columns axial forces and moments to verify the 
exactitude of the Standard S16S01-05 simplification in estimating the bending moments 
that are expected to develop. 
5.2.1 Outer beam response 
The segments of the beams outside the link were considered to have a nonlinear behavior 
with the yield point at RyVp. Thus the beams can develop plastic rotations at end where is 
the rigid connection with the link segment and the brace. This inelastic behavior of the 
exterior beams can be evaluated through the amount of maximum inelastic rotations 
accumulated. The ductility capacity of the exterior beams could be assessed by the 
analogy with the long links from eccentrically braced frames or with beams from moment 
resisting frames. The long links that yield essentially in flexure have the current code 
limitation of 0.02 radians and the beams of the MD type moment resisting frames are 
allowed to develop rotations of 0.03 radians. 
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The accumulated inelastic beam rotations observed in the 14 storey frame located in 
Vancouver are presented in Appendix C, Tables C.7 and C.8. In general, the yielding of 
the beams for this structure was observed infrequently, and if so, only the beams in two to 
six storeys were involved. The results summarized separately for the historical and 
artificial records are, in average, below the value of 0.02 radians and the yielding is 
concentrated in the beams in the lower half of the structure. Among historical events, the 
earthquake V20 imposes a greater demand on the exterior beams reaching the maximum 
rotation of 0.0311 radians in the 7th storey. Among the artificial records, the earthquake 
W64 produces a maximum rotation of similar value (0.00345 rad) in the 4l storey. It was 
also observed the occurrence of inelastic rotation in exterior beam did not coincide with 
the occurrence of the highest link rotations. 
The 20 and 25 storey frames in Vancouver as well as the three frames in Montreal did not 
exhibit any yielding of the exterior beams. The combination of the bending moment 
transferred from the link and the corresponding axial force were low enough to exclude 
the plastic hinge formation in the beam. 
The results obtained indicate that the yielding of outer beam segments was indeed limited. 
In view of these results and recognizing the beneficial effect that the acceptance of outer 
beam yielding has on design, the inclusion of the inelastic behavior of these elements in 
design process can be justified. 
5.2.2 Brace response 
An elastic and stable response of braces is important in order to maintain the global 
stability of an EBF. In the analytical model used in this study, the braces were 
represented by the elastic elements. In order to validate if the design procedures achieved 
desired brace response, the elastic demand imposed on braces was verified at each time 
step of loading history. Also, for a pair of braces at each storey, the number and the 
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duration of inelastic excursions for a given ground motion was counted using the Fortran 
programs developed. The results are presented in Tables C.9 to C.20 from the Appendix 
C. 
The tables present the results obtained for all frames located in Vancouver, separately for 
historical or artificial events. A small amount of inelastic brace activity is observed for all 
the structures and it is in general concentrated at the bottom of the frame. For the 20 
storey Vancouver it was also found that the braces from the middle storeys exhibit some 
inelastic behavior. The number of inelastic incursions varies from one to three with a 
total time of the yielding below 1.0 seconds. The braces from the structures located in 
Montreal did not exhibit any inelastic behavior. 
To investigate the effectiveness of ductility design provisions of S16S01-05, the response 
ratios of the interaction axial force-bending moment equations are plotted in Figures 5.5 
to 5.7. For Vancouver the graphic shows the 50th percentile calculated for the historical 
records and the 50th percentile for the artificial records. The values of the critical response 
ratios obtained in the ductility design step are also shown. For the frames designed in 
Montreal only the 50th percentile for the group of the 10 artificial records is represented 
in graphics and compared with the values from the ductility design. The chosen 
interaction value of the ductility design represented in the figures is the one given by the 
equation 13.8.2 (b) for the overall member strength. This was considered to be the 
appropriate interaction equation because the non linear analyses were effectuated for a 
2D frame model and therefore the response forces do not account for the lateral torsional 
buckling. 
For the three structures situated in Vancouver the response of the braces was very close 
to the values calculated following the ductility design procedure, except for the upper 
storeys where the values obtained from NLTHA are 20 to 40 percent higher. Also some 
slightly higher values could be observed at the first storey, which is noticed to be similar 
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to the trend observed for the maximum link rotations. The structures situated in Montreal 
had the interaction values obtained from the NLTHA results smaller than the ones 
calculated during the ductility design, except for the upper storeys where the situation 
reversed. The interaction of the axial force - bending moment yields values of 25 
percentages higher than those from ductility design. It can be said that the lack of 
inelastic link activity observed for Montreal structures, discussed in the preceding 
sections, reflects on the level of braces solicitation. 
5.2.3 Columns' response 
To monitor the behavior of the columns during the NLTHA the number and duration of 
inelastic incursions was calculated first and the maximum values of the response ratios of 
the axial force-bending moment interaction equations were compared to the values used 
in the ductility design phase. Secondly the axial forces and the bending moments 
obtained from the dynamic analyses were examined to validate the amplification factors 
specified by the Clause 27 of CSA/CAN S16S01-05, used to estimate the forces 
transmitted to columns by the yielding links. 
Limited number of inelastic excursions in the columns was observed for the 14 storey 
structure situated in Vancouver, this one being the only structure in which the columns 
showed inelastic behavior. The inelastic incursions in the columns are presented in 
Tables C.21 to C.24 from Appendix C. Both for historical and artificial group of records 
the columns develop plastic hinges at one to two storeys during 1 to 2 inelastic incursions. 
The plastification of the columns happened for the four of historical ground motion and 
two of the artificial motions. The only exception to this behavior is the case of earthquake 
no V14 where 24 inelastic incursions were registered at the 11th storey with a total time 
of 11.47 seconds. This behavior is associated with extremely high inelastic link rotations, 
observed at the same location, for the same earthquake. 
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The interactions of axial force-bending moment are presented in Figures 5.8 to 5.10 
where the 50th percentile of the results from NLTHA is compared to the design values 
obtained in ductility design phase. The 50l percentile of the NLTH results for the 
historical and artificial records show a close resemblance to the design values for all the 
three structures in Vancouver. In general, slightly higher analytical values compared with 
the design values were observed in the upper half of the building. Contrary, in the lower 
half the values from the NLTHA are smaller than the estimated design values. This 
observation proves that the assumption used in the design phase that all the links from the 
entire frame yield at the same time is not true but practically conservative in the design 
phase. This tendency is even more evident for the frames designed in Montreal where the 
differences between the dynamic and the design results are more pronounced. While the 
results obtained from NLTHA and predicted design values in Vancouver differ by 10 % 
for the frames in Vancouver, the NLTHA results found for Montreal are 50 % lower than 
the values of estimated in the design. 
5.2.3.1 Column axial forces 
The axial forces developed in the columns during the time history analyses are presented 
in Tables 5.13 to 5.18 separately for the historical and artificial records. The tables show 
the 50th percentile and the 84th percentile for the each group of records. The tables also 
contain the axial forces in columns introduced by the load combination including the 
gravity loads (1.0D+0.5L+0.25S), and the forces calculated according to the capacity 
design procedure: 1.3 times the plastic capacity of the links in the top two storeys and 
1.15 times the links plastic capacity for the other storeys. The axial factored resistance of 
the columns calculated according to the Clause 13.8.2 (c) from S16S1-2005 is also 
included in the tables to establish the upper bond of the possible axial columns forces. 
For the 14 storey structure in Vancouver the 50th percentile of the NLTHA results were 
20 percent lower than the design forces and the 84th percentile values were 15 % lower. 
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Similar observation was made for the 20 and 25 storeys Vancouver with slightly higher 
differences obtained between the design column forces and the forces developed during 
the ground motions. The factored capacity of the columns is close to the design and 
dynamic forces for the 14 storey structure but for the 20 storey and 25 storey structures it 
is two to three time larger than the demand. 
The structures located in Montreal larger difference between the design column axial 
forces and the forces developed during the NLTHA were noted. For all three structures 
14, 20 and 25 storeys, the design axial forces are more than two times bigger than the 84th 
percentile of the values obtained in NLTHA. The difference between the capacity of the 
columns and the design or dynamic axial forces was similar to the structures situated in 
Vancouver, that is for the 14 storey structure the developed forces were close to the 
capacity limit and the difference was increasing with the increase in the number of 
storeys. 
The values of the axial column forces developed during the NLTHA are, as expected, 
lower than the design forces as the capacity design procedure assumes the yielding of all 
links from the frame to a maximum force of 1.15 Vp. This tendency is normal since the 
links from the lower half of all structures did not develop their entire plastic capacity. 
5.2.3.2 Column bending moments 
In the design provisions of the S16S1-2005 the column bending moments are not 
calculated directly, but rather a certain portion of the column capacity is reserved to 
account for the bending moments in the interaction axial force-bending moment equation. 
The portion reserved for the moments is 0.35 from the moment plastic capacity Mp for 
the top two storeys and 0.15MP for the other storeys. In the following paragraphs these 
design provisions for the column moment calculations are compared to the moments 
resulted from the NLTHA. It is therefore of interest to see how well the present Canadian 
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design procedures account for the contribution of bending moments in the columns of 
EBFs. The results of the NLTHA for the column bending moments are presented in 
Tables 5.19 to 5.24. The tables present the maximum values of the bending moments 
obtained at each storey in kNm (in absolute values) and also expressed as the percentage 
from the moment capacity Mp of the section. 
As can be seen from Tables 5.19 to 5.24 for the 14 storey structure in Vancouver the 50th 
percentile values obtained for the column moments varied between the 15 and 35 percent 
of Mp , except for the group of historical records where the columns in the top four 
storeys reached moments of 0.30 Mp. The 84th percentile reflects values even higher in 
the upper half of the building with a maximum moment of 0.54MP for the group of 
historical records. The moments developed in the 20 storey Vancouver structure are 
much closer the provisions recommended in Clause 27 and for the 50l percentile only a 
few storeys had values higher than 0.15MP with a maximum of 0.19MP in the 16
th storey. 
The 84th percentile show values different from the 50th percentile which means that high 
variations in the moments can be expected depending on storey drifts and characteristics 
of individual ground motions. The maximum values for the 84th percentile are observed 
in the upper storeys with the highest value of 0.39MP. In the 25 storey structure the 50
th 
percentile have the maximum value of 0.19MP in the 22nd storey and in the lower half of 
the frame the moments represent 0.03MP. The 84
th percentile from the results has higher 
values with a maximum of 0.30MP in the 24
th storey and percentages that attain 0.05MP in 
the lower storeys. 
For the 14 storey frame in Montreal, the 50th percentile reached the maximum values of 
0.13Mp in the storey 14l and an average of 0.03 Mp in the lower storeys. Little 
difference was observed between the 84th percentile and 50th percentile values (up to 3 %). 
As it can be observed the moments developed during the NLTHA are much lower 
compared the estimated values used in the ductility design phase. The 20 storeys structure 
showed larger differences between 50th and 84th percentile and the highest 84th percentile 
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value is about 0.03MP in the 19 storey. In the bottom storey moments were very low 
reaching only O.OlMp. The moments recorded for the 25 storey structure are similar to 
those observed in the 20 storey. They are below 0.15Mp at the upper storeys and as low 
as O.OlMp in the lower half of the frame. Contrary to the structures designed for 
Vancouver, the bending moments in the columns of the structures in Montreal were very 
small and always under the estimated values used in the ductility design phase. 
5.2.4 General observations on the behavior of outer beams, 
braces and columns 
The inelastic behavior of outer beam segments was accepted and incorporated in design 
of EBFs studied. In order to represent this behavior and evaluate the extent of inelastic 
activity the exterior beams were modeled for the NLTHA as inelastic elements. Out of 
the six structures analyzed, only the beams of the 14-storey frame in Vancouver showed 
inelastic behavior. The inelastic behavior did not occur for all the events. When such 
response was observed it involved up to a maximum of six storeys with a medium value 
of inelastic beam rotation of 0.02 radians. 
The inelastic behavior of the braces was observed for all the structures located in 
Vancouver, but in a small extent and concentrated at the bottom storeys. For the Montreal 
structures the braces did not show any inelastic behavior during the analyses. The 
graphics that presents the interaction of the axial force-bending moment over the frame 
height show values close to the values obtained in the design, except for the upper storeys 
where the interaction values are higher. This situation was observed for the Vancouver 
structures, but for the structures located in Montreal the interaction values obtained from 
NLTHA are smaller than the ones calculated in the ductility design, except for the upper 
storeys where the values are higher than those from the design. 
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The inelastic excursions in the columns are observed only for the 14 storey structure 
situated in Vancouver and the inelastic activity is observed for six out of twenty ground 
motions with plastic hinges that developed at one to two storeys. The axial force-bending 
moment interaction coefficients calculated for the forces obtained from the non-linear 
analyses were compared to those calculated in the ductility design phase. A close 
resemblance between the two values was observed for Vancouver and for Montreal with 
the exception of the bottom storeys for Montreal structures where the difference was 
substantial. 
The axial forces in the columns developed during the dynamic analyses were lower than 
the values anticipated in the ductility design, the differences increasing with the increase 
of the number of storeys. For Montreal the differences between the dynamic and design 
forces were more pronounced than those found for Vancouver. Contrary to the tendency 
observed for the axial forces, the columns bending moments obtained from NLTHA are 
higher than those estimated in the design phase. For the structures situated in Vancouver 
the largest 84th percentile values reached 0.5Mp for the 14 storey structure and 
diminished with the increase of the frame height. The frames designed for the eastern 
location developed moments that are within the code recommendations of 0.35MP. These 
moments reached 0.15MP at the top storeys and moments that represent 0.01 to 0.05MP in 
the other storeys. 
5.3 Results for total inter storey drifts 
The performance level of a structural system is directly related to the drift limit permitted 
in the NBCC for that building. For the "life-safe" performance level the new 2005 NBCC 
demands that the total drifts have to be lower than 2.5 % of the storey height. 
The results for the inter-storey drifts obtained from the NLTHA are presented in Tables 
5.25 to 5.30 together with the maximum inter storey drift permitted in the 2005 NBCC. 
The total drifts from the non linear analyses are grouped by types of ground motion as it 
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was done for the inelastic links rotations: historical and artificial records separated in 
short and long distance. 
5.3.1 Fourteen storey structure 
The total drifts for the 14 storey structure in Vancouver exceed the code limits for the 
group of historical records at short distance. The maximum drift of 118mm (84th 
percentile value), was observed at the top storeys exceeding the code limit by 27 percent. 
The other groups of ground motions induced also high 84th percentile values of total drift 
but all within the limit of 92.5mm. The short distance groups of records yielded higher 
total drifts at the top storeys compared to the long distance records for which the drifts 
were much more uniform over the height of the frame. A significant difference between 
the 50th and the 84th percentile was observed which indicates a high variability in the 
drifts values and thus an elevated sensitivity of the EBF's to storey deformations. 
Considering the group of all 20 ground motions the 50th as the 84 percentile are at about 
half of the code limit with higher values observed at the top storeys. The 84th percentile 
of total drift has values in the range 25 to 72 mm and for the 50th percentile they go from 
20 to 49 mm. 
The total drifts for the structure from Montreal have the 50th percentile values close to the 
84th percentile and contrary to the structure from Vancouver the short and long distance 
values are similar one to another. The maximum 84 percentile calculated for the group 
of all 10 artificial records is observed in the 11th storey reaching 25 percent of the code 
limit. In general the drifts in the Montreal structure are much lowers than those from 
Vancouver with values between 10 and 15 mm. 
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5.3.2 Twenty storey structure 
The total drifts for the 20 storey Vancouver presented in Table 5.27 were only grouped 
by historical or artificial records because the short and long distance groups presented no 
significant differences. The 50t percentile values obtained for the historical and artificial 
records were similar and varied between 15 to 47 mm, with slightly larger values at the 
middle portion of the frame. The 84l percentile values observed for the artificial records 
showed a different distribution with values that, in the top storeys were almost double the 
values obtained for the historical records results. But even in this situation the total drifts 
were all within the NBCC limit, with a maximum 84th percentile value of 77 mm in the 
15th storey. 
The maximum total drifts for 20 storeys Montreal had values similar to those observed 
for the 14 storey structure. The 50th percentile varied between 7 mm in the lower storeys 
and a maximum of 17 mm at the 18th storey while the 84th percentile went from 7 mm to 
37 mm at the storey 18. The maximum value represents about 40 % from the code limit a 
value but it is higher than the one predicted in the design. 
5.3.3 Twenty-five storey structure 
Table 5.29 shows the total drifts obtained for the 25 storey Vancouver grouped in three 
categories historical, artificial and the entire group of the 20 ground motions. The 
artificial ground motions generated inter storey drifts higher than those yielded from the 
historical motions. The difference is especially seen in the 84l percentile were the 
artificial group have a maximum of 67 mm drift in the 20th storey compared to a 
maximum of 48 mm for the group of historical records, drift that occurred in the 19th 
storey. In general the maximum drifts for the 25 storey structure are below the code limit 
and the 50th percentile from the entire set of results represent less than the half of the 
NBCC drift limit. 
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The total drifts for Montreal structure, presented in Table 5.30, have a 50 percentile 
value of maximum 17 mm drift in the upper storeys with a corresponding 84th percentile 
that reach 24 mm. These values represent about a quart of the permitted drift thus the 
frame is over strengthen for the level of seismic activity specific for the eastern location. 
The drifts in the middle and lower storey from this structure are maintained to 10 % for 
the NBCC limit 92.5 mm. 
5.4 Lateral force distribution 
The structures analyzed in this study were designed for a base shear and a distribution of 
lateral force as recommended in the 2005 NBCC. The approach presented in the building 
code is based on the calculation of the seismic force for the first mode of vibration as the 
regular buildings response is in the first mode of vibration and to account for the 
contribution of the higher modes a potion of the base shear as a concentrated force is 
applied at the top of the building. The concentrated force denoted Ft and the formula of 
calculation were discussed in Section 2.2.1. The forces calculated following the NBCC 
empirical approach is noted as NBCCiinear- For terms of comparison the lateral seismic 
forces for the same structures obtained from spectral analyses and scaled to the 
NBCQinear base shear is also presented in the study of the lateral force distribution. This 
spectral force is designate as NBCCspectrai- The Figures 5.11 to 5.13 present the 
distribution over the building's height of the NBCCiinear, NBCCspectrai> and the lateral force 
obtained from the non linear analyses as the difference between two subsequent storeys 
and scaled to the level of NBCCiinear-
The actual values of the shear forces on the structures obtained from the NLTHA are also 
presented in tables (Tables C.25 to C.30, Appendix C) together with the empirical lateral 
force NBCCiinear, and the spectral force NBCCspeetrai- The lateral shear force will be 
discussed in the following paragraphs through the level of the force developed in the 
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structure and the distribution over the frame's height compared to the NBCCiinear and 
NBCCgpectrai- The tables present the values of the dynamic lateral forces as the 50th and 
84th percentile for the historical group of ground motion, the artificial group and the 
entire group of ground motions. The maximum values of the dynamic forces from all the 
earthquakes are also presented on the tables and all of these values represent the elastic 
response of the frames. 
5.4.1 Fourteen storey structure 
Table C.25 contain the shear forces on the structure for the 14 storey Vancouver 
compared to the design forces obtained in the analyses described in Chapter 3. The elastic 
values of the forces developed during the ground motions are in general double compared 
to the both linear and spectral design forces. The only difference is observed at the top 
storeys were the spectral forces are lower than the other groups. From the Figure 5.11 (a) 
it can be observed that the lateral force distribution is in general, in good agreement 
except the fact that the non linear results succeed to reflect in a better way the influences 
of the superior modes. 
The NLTH forces for the Montreal structure are similar to those from Vancouver with 
values that are the double of the design values and with higher ratios at the top storeys 
that can reach 3 to 4 times the corresponding storey design force. Regarding the 
distribution over the height of the lateral shear the Figure 5.11 (b) the non linear shears 
are closer to the NBCCspectrai distribution than to the NBCCiinear, and a much stronger 
influence of the higher modes of vibration is seen compared to the Vancouver structure. 
5.4.2 Twenty storey structure 
The NLTH storeys shears for the 20 storey Vancouver are around 1.8 times higher than 
the forces from the design, but the upper storeys have ratios of dynamic to design force 
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higher the 2.0. The lateral distribution is showed in Figure 5.12 (a) and it presents a good 
sufficient good match between the dynamic, the NBCCunear and NBCCspectrai distribution. 
Discrepancies are observed at the top and bottom storeys and especially between the 
dynamic and linear distribution, with a closer match between the spectral and dynamic 
forces. 
The shear dynamic forces of the structure from Montreal represent in general the double 
of the forces used for the design of the frame, with higher values at the top storeys that 
reach three times their corresponding amount of the design force. The distribution of the 
lateral forces as it is presented in Figure 5.12 (b) shows a closer resemblance of the 
dynamic distribution to the NBCCspectrai than to the NBCCiinear- The lack of smoothness 
on the form of the lateral dynamic force is similar to the one observed for the 14 storey 
frame with even more changes on the sign of the force. 
5.4.3 Twenty-five storey structure 
Table C.29 contains the values of the storey shears for the 25 storey structure from 
Vancouver. The values of the storey shears are similar to those found in the other 
structures but with ratios of the dynamic to design values around 1.5 and only at the top 
storeys the factor is 2 for the linear distribution forces and 3 for the spectral forces. The 
distribution of the lateral force on the storeys follows the tendency observed for the other 
Vancouver structures, a similar distribution on the middle with differences at the top and 
bottom storeys, but it is also observed a higher influence of the superior modes with 
changes on the amount of the force. 
The NLTH shear forces found for the Montreal 25 storey structure are presented in Table 
C.30 and their values are similar to those found for the 25 storey Vancouver. They have 
closer values to the ones from design at the middle and bottom at the frame with values 
around 50 % higher, but the top storeys shear forces are three times higher than the 
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corresponding design values. The distribution of the force over the frame height presents 
a high variation compared to the corresponding NBCCspectrai and the NBCCiinear- In this 
case the influence of higher modes of vibration causes the appearance of a negative value 
at the middle storeys. 
5.5 Relation between the link inelastic shear rotation y and the 
inter-storey drift A 
The verification of inelastic shear rotations, y, is an important phase in seismic design of 
eccentrically braced frames. As explained in Section 3.2.4.5, at design stage y is 
calculated as a function of the total inter-storey drift, A,, the storey height, hs, the length 
of the link, e, and the width of the braced bay, L, assuming the rigid-plastic behavior of 
the frame. The value of Aj is taken equal to three times the elastic inter-storey drift, Ad, 
computed under the factored seismic loads. This A, estimate is obtained applying the 
equal displacement principle (Ai = RdAe) , assuming that inelastic link rotations first 
develop when the storey shear reaches the design value amplified by the overstrength 
(R0VP). In view of the importance of this design parameter on EBF seismic design, the 
study was carried out to understand better the relationship between the inelastic shear 
rotations of the link and total inter-storey drifts. 
For all structures studied, the maximum link rotation y and the maximum inter storey 
drift A at every storey level were collected for each acceleration record. The results 
showed a strong positive correlation between the two parameters. For most of the cases 
studied, the maximum values of the two parameters occurred at the same location and at 
the same time. These findings further confirmed the physical relationship between the 
two parameters. 
For every storey of each frame studied, the ratio of the maximum ymax and the total 
maximum Amax was calculated. The results for maximum ymax and maximum Amax were 
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obtained based on maximum values found for all records. Tables 5.31 and 5.32 
summarize the results obtained for Vancouver and Montreal structure respectively. For 
Vancouver, the results are shown separately for 10 historical and 10 artificial records, as 
well as for the complete set of 20 records. The tendency of results obtained for historical 
and artificial records was found to be very similar and thus the results shown for the 
whole record ensemble were considered representative. 
As can be seen in Tables 5.31 and 5.32 for all frames studied the ratio of the maximum 
Tmax / maximum Amax for top storey link is much smaller in comparison to other storeys. 
This is not surprising in view of lower amount of inelastic activity observed in the 
analysis. Regarding the vertical distribution of the obtained ratios, different profiles were 
observed for Vancouver and Montreal structures. While for Vancouver structures, 
somewhat higher values were observed in the upper and lower storeys of the frame, for 
Montreal, the larger ratios were observed in the upper floors while those in the lower 
storeys were very small. 
For the Vancouver structures mean values of the ratio of the maximum ymax / maximum 
Amax obtained for 14-, 20- and 25- storeys frame, excluding the results for top story link, 
were 0.0024, 0.0022 and 0.0019 respectively. Using the same principle, for Montreal 
frames, mean values were calculated excluding the storeys that showed the similar 
behavior to the top storey link, i.e. all the results less or equal to 0.0005 were excluded. 
Following values were obtained: 0.0012 for 14-storey frame, 0.0014 for 20-storey frame 
and 0.0013 for 25-storey frame. Taking the conservative values and neglecting the slight 
variation of the ratio ymax / Amax following relationships can be written: (i) for Vancouver, 
y = 0.0023 A, and for Montreal, y = 0.0014 A. It can be seen that the factor multiplying 
the total drifts is sensitive to design location, but less sensitive to the height of the frame. 
The reader is reminded that the ductility demand imposed on Montreal structures was 
much smaller compared to those located in Vancouver. 
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To determine more precisely the relationship between y and A, another approach was also 
considered for both studied locations. In this approach, for selected location and the 
frame height, the pairs of values of the inter-storey drifts and the link rotations were 
defined. For the three Vancouver frames, the pairs of values, excluding the top storey 
were determined for the complete ensemble of ground motions and plotted in Figures 
5.14, 5.15 and 5.16. A linear relationship (best-fit line) was determined for each of three 
graphs. Similar relationships were found for the three structures and thus the cumulative 
results are presented for all the three frames. The linear relation extracted for these 
graphics can be written as: 
A/hs =0.107+0.0033 [5-1] 
In the above relation A represents the total inter-storey drift, hs is the storey height and y 
is the inelastic link rotation. The coefficient of 0.10 by which y is multiplied could be 
approximated with the ratio of e/L which is equal to 0.0889 in this study. The constant 
0.0033 is an inferior limit of drift index above which the inelastic rotations appears (drift 
index at yield). Expressing y as a function of A, and introducing e/L the previous 
relationship can be written as follows: 
y = (L/e)*(A/hs-0.0033) [5-2] 
This relationship is representative of the rigid-plastic deformation mechanism (see Figure 
2.2), at yield drift of 0.3 percent. 
The same approach was applied to relate total inter-storey drifts and link inelastic 
rotations for Montreal frames. The values of the links rotations that were less or equal to 
0.005rad were excluded from the calculation. Similarly to Vancouver, it was determined 
that variation of the linear relationship in function of frame height was small. Figure 5.17 
present plots of the pairs total inter-storey drifts - link inelastic rotations for all structures 
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designed in Montreal. The following linear relation A - y was established on basis of 
cumulative results obtained: 
A/hs = 0.09Sy+ 0.0024 [5-3] 
For structures located in Montreal the inferior limit of the drift above which the inelastic 
rotations occurs is set to 0.24 % hs. Although the relationship [5-3] slightly differs from 
the [5-2] it is anticipated that the latter could be used to obtain conservative estimated of 
inelastic link rotations for structures in Montreal. 
The Figure 5.17 compares the link inelastic rotations obtained from non-linear time-
history analysis for Vancouver structures, with the values predicted using the formula 5.2. 
A solid line represents the perfect prediction. For the majority of cases, the proposed 
equation gives satisfactory and conservative results. Although this type of relationship 
cannot be easily integrated into capacity design procedures, as the prior knowledge of 
total inter-storey drift is required, the results can be useful in the context of performance-
based design. For instance, two interesting results can be obtained from the equation 
[5-2]: (a) the first inelastic link deformation occurs at an inter-storey drift index of 0.33% 
and (b) the link maximum design rotation (0.08rad) is attained at drift index of 1.01%. 
5.6 Summary 
The maximum inelastic link rotations for the Vancouver structures have all went beyond 
the code limit in the top and sometimes in the bottom storeys, while the other storeys 
developed inelastic rotations, but in the limit of 0.08 radians. Following the link rotation 
tendency the factor of amplification for the force developed in the link was found to be 
close to the CAN/CSA SI6-05 specified factor, with slightly higher values at the top 
storeys. Contrary to the strong inelastic activity observed in the Vancouver structures, for 
Montreal the frames developed plastic rotations only at the top storey and the values 
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stayed within the code limit. The middle and bottom storeys remained in general in the 
elastic range, fact that reflects on the factor of the force developed in the link, which is 
below 1.0 for the lower storeys. 
The response of the beams, braces and columns was analyzed carefully to locate the 
inelastic activity or to validate the code specifications from the ductility design versus the 
dynamic results. The inelastic activity in the exterior beams is very low and present only 
on the 14 storey Vancouver and it is isolated and in a small extend for the braces and 
columns. The response of the braces in the NLTHA present higher values compared to 
those from the ductility design for the Vancouver structures, but values that are smaller 
for the structures designed in Montreal. Similar to the braces behavior, the columns from 
the Vancouver structures developed higher moments than estimated in the design and 
thus a higher response factor, while the frames designed for Montreal had moments that 
stayed in the limits recommended in the Canadian steel code. 
The total inter-storey drifts developed during the ground motion excitations have similar 
tendency as the inelastic link rotations: high values for the Vancouver structures and 
especially at the top storeys and low values for the structures from Montreal. The lateral 
force profiles were compared to the empirical and spectral distributions of the force and a 
closer resemblance is observed with the spectral lateral load than with the empirical 
distribution and also significant differences with the two design loads at the storeys from 
the top and bottom of the frame. 
The interconnection between the drift and the link rotation was analyzed in detail and a 
strong positive y-A relation was established for the two specific locations. A formula in 
function of the L/e (frame span/ link length) was developed and the link rotations 
predicted with the formula were compared with the NLTHA link rotation values. The 
new link rotation formula yielded adequate and conservative estimates for the registered 
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Table 5.14 Axial forces in the columns (kN) for the 14 storeys frame in Montreal 
Results from NLTHA Capacity of 
Ductility Artificial records m e section 
Storey Pcoi
gravity Design SS ^ 







































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































Table 5.20 Bending moments in the columns (kNm) for the 14 storey frame in Montreal 
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CHAPTER 6. SUMMARY AND CONCLUSIONS 
6.1 Summary 
This project has investigated the design demand and the seismic behavior of the taller 
eccentrically braced frames (EBFs) in the context of the NBCC 2005 and the CSA-
S16S1-05 seismic provisions. A total of six buildings with chevron-type EBFs with 
shear-critical links were designed for two Canadian locations: Vancouver and Montreal. 
Design procedures were described and applied to the 14-, 20-and 25-storey frames. The 
importance of different design criteria was discussed and the appropriate design sequence 
was suggested. The seismic response of the frames was investigated using the non-linear 
time-history analysis to assess if the design procedures achieved desired frame response. 
The analyses were done for the sets of earthquake records calibrated to match design 
spectra at studied locations. Historical and artificial records were selected for Vancouver, 
while for Montreal only artificial records were considered, due to the lack of the 
appropriate historical recordings, typically rich in high frequencies. The behavior of the 
system was monitored through the response of links and the global frame behavior. 
Following response parameters were examined: inelastic link rotation, maximum 
normalized shear force, response of the outer beams, braces response ratios, columns 
moments and axial forces, values of the inter storey drifts and lateral force distribution 
and the study of the relation between the inelastic link rotation and the inter storey drift. 
6.2 Conclusions on the design procedure 
(i) Seismic design of EBFs according to Canadian design procedures includes three 
phases: capacity, stiffness, and strength design. It is important to establish an 
appropriate design sequence to minimize the number of iterations required. The 
approaches to design discussed in literature had been mainly established based on the 
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observations made for lower to medium height frames. In taller EBFs larger 
deflections are anticipated and thus providing the adequate stiffness and global 
structural stability could become important design consideration. Following design 
sequence was established as the most appropriate for the taller EBFs: 
(1) select link section based on ductility requirements; (2) design other frame 
members based on strength requirement;(3) verify total-drift requirement and global 
stability; (4) perform verifications frame members other than links applying capacity 
design and (5) verify link inelastic rotation. It was found that these steps are 
appropriate for both locations: the high and moderate seismic zones. 
(ii) Initial design assumptions to calculate the seismic force based on a period equal to 
2Ta is found to be appropriate for the design of tall eccentrically braced frames. In all 
cases seismic design base shear was governed by the minimum value defined in 
NBCC 2005,Vmin, based on Sa (2.0). NBCC generally does not impose the period 
restriction when deflections are calculated, however it is not clear what rules should 
be applied are when Vm;n controls the design. In view of this, all displacements were 
calculated limiting the period to 2Ta. 
(iii) The selected length of the link influence significantly seismic behavior of the frame. 
Based on the results of parametric study carried out at the beginning of the project 
the link length of 600 mm was chosen and a complete design of the frame was done 
following the design steps explained in Chapter 3. Although the shorter link 
increases the rigidity to the frame and leads to the selection of smaller sections for 
the other frame members, the rotations of the link segments are much higher since 
they are in direct proportion to the ratio of the frame width to link length, L/e. For 
EBFs with short, shear links it is considered appropriate to use links that have 
lengths up to about 10 percent of the frame width. 
(iv) Due to the importance of deflections in taller frames, seismic forces should be 
amplified to account for P-delta effects for initial link selection. In this study the 
initial calculations were based on expected drift index of 0.5%. It was found for the 
frames studied that the appropriate value of the inter-storey drifts varied in function 
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of the frame location but not in function of the frame height. Based on the results 
presented in this study following values can be established: 2.0% for Vancouver and 
1% for Montreal. 
(v) When sizing links, special attention was given to maintain the ratio of link shear 
resistance-to-link shear force demand as uniform as possible and close to one. Due to 
the importance of design criteria other than inelastic strength (i.e. wind load, gravity 
load), it was not possible to achieve this objective. For the structure situated in 
Vancouver the ratio was about 1.3 and for the structures in Montreal the ratio ranged 
from 1.55 to 1.85. This high ratio observed for Montreal structures is mainly due to 
the fact that link design was governed by wind load combinations. 
(vi) For all frames studied it was found that the controlling design requirements were the 
stiffness and the global stability of the frame. Comparison of structural mass 
obtained in different steps of design process indicate that for the frames in 
Vancouver, total-drift requirements governed the design, while for the frames in 
Montreal global structural stability (U2 < 1.4) was the main criterion. Note that, in 
spite of an important difference in seismic solicitations in two locations studied, the 
mass obtained for frames with equal height was virtually the same. 
(vii)In none of the cases studied here the modification of frame section sizes was required 
to comply with design limits imposed on link shear rotations (y < 0.08 rad). In the 
calculation of y the recommendations from the Commentary SI6-01 were followed 
and the contribution of the chord drifts to the total drift was eliminated. It was 
observed however, that had the chord drift not eliminated, the y criterion would have 
became important in design. 
(viii) To investigate the impact of lateral load distribution on final frame design, two 
variant designs were obtained for seismic forces calculated using the equivalent 
static method and the response spectrum method. It was concluded that the two load 
distributions yielded almost identical frame configurations. Following these 
observations, the study of structural response was carried out on frames designed for 
equivalent static load force profiles. 
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(ix) It was of interest to establish if the lateral force distribution obtained using response 
spectrum analysis was sensitive to the frame configuration selected. A study was 
carried out on the 14-storey frame designed for Vancouver. Three different designs 
were examined: (i) frame members compliant with strength requirements, (Okazaki 
et al.) frame members compliant with all design criteria and (iii) identical sections 
for the braces and columns in all the storeys. Although the structures had different 
periods of vibration and different levels of the base shear, the spectral force 
distribution over the frame's height was similar. It was concluded that, within the 
range of sections commonly used in type of the frames studied, the variations in the 
frame sections do not have a significant impact on the spectral force distribution over 
the height of the structure. This further supported the decision to use frames designed 
for equivalent lateral force method in study of the seismic response. 
6.3 Conclusions relative to the study of EBFs' seismic behavior 
(i) The inelastic link rotations exceeded the design limit of 0.08 rad in the upper storeys 
for all the structures situated in Vancouver while for the structures in Montreal the 
maximum link rotations represent about a third of the design limit. The maximum 
range of link rotations calculated as the maximum positive plus the maximum 
negative rotations for a link were all smaller than the permissible value of two times 
the design limit (0.16 rad). 
(ii) The link overstrength factor followed the same trend as the link rotations with median 
values of 1.5 at the top storeys for the structures from Vancouver. For Montreal the 
overstrength factor reached the value assumed in design (1.3) only in the top storey 
while the other links remained elastic. 
(iii)The inelastic activity in the outer beam segments of 14-storey frame in Vancouver 
was concentrated at the lower storeys beams and was not related to the occurrence of 
the maximum link rotations. The plastic beams rotations developed infrequently, only 
for small number of the ground motions, and were in general bellow 0.02 radians. 20-
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and 25-storeys frames in Vancouver as well as all structures in Montreal did not 
exhibit any inelastic beam activity. In view of these results, the design approach to 
accept the limited plastification of the outer beam segment is justifiable, particularly 
as it can bring more economical design solutions in some cases. 
(iv)The braces showed few inelastic incursions concentrated at the bottom level of the 
frame for limited periods of time and this only for the structures in Vancouver. In 
general, the stress ratios obtained from non-linear time-history analysis (NLTHA) 
compared well with the stress ratios predicted in design. For Vancouver, the only 
exceptions were the upper storeys where the analytical results were 20 to 40 
percentages higher. For Montreal structure the analytical values were in general 
smaller than the design values. 
(v) The stress ratios in the columns obtained from NLTHA were higher at the top storeys 
than in the rest of the structure for the structures designed in Vancouver and much 
lower than the estimated design response ratios. The axial forces developed in the 
columns were generally lower than those calculated in the design phase and the 
differences increased with the increase in the number of storeys. The bending 
moments developed in the columns of the structures from Vancouver were higher in 
the upper storeys than the estimated design value of 0.3MP and they decreased with 
the increase in the frame's height. For Montreal the bending moments in columns 
represent maximum values of 0.15MP at the top storeys and between 0.01MP and 
0.03MP in the other storeys, values that are lower than the moments estimated in the 
design. 
(vi)The inter storey drifts show similar vertical distribution as the inelastic link rotations 
with higher values observed in the upper storeys and lower in the rest of the structure. 
For the structures situated in Vancouver the design limit of 0.025 hs was exceeded 
only in the 14 storey structure for the group of historical short distance records, while 
for the frames in Montreal, it remained well below the design limit (three to four 
times smaller). 
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(vii) The distribution of the dynamic lateral force corresponded well to the distribution 
of the spectral force with stronger higher modes impact for taller frames and for the 
frames located in Montreal. 
(viii) The NLTHA results demonstrate that the higher modes influenced significantly 
the response. It can also be remarked that the structures situated in Vancouver 
reached the anticipated level of seismic performance while for the structures designed 
for Montreal the seismic demand was much smaller mainly due to the increased 
overstrength imposed by design criteria other than the capacity design requirements. 
(ix)The maximum link rotation and the total inter-storey drift showed a very strong 
positive correlation. A linear relation between the two parameters was established 
based on the results obtained from NLTHA. This equation is representative of the 
rigid-plastic deformation mechanism commonly used in design standards. The 
equation was evaluated for the frames geometry studied herein and it yielded 
satisfactory and conservative estimates of link rotations. 
6.4 Recommendations 
Although useful results showing the seismic performance of tall eccentrically braced 
frames were obtained in this project, further studies and research work are necessary to 
improve the frame models and better evaluate the seismic performance of this system. It 
should also be noted that the conclusions from this study are limited to a particular 
geometry and dynamic characteristics of EBFs studied. Some of the subjects that should 
be further investigated include: 
• The sensitivity of the seismic response to the modeling assumptions considering 
the inclusion of the P-delta effects should be investigated. In this study, the 
modeling of P-delta effects was achieved by adding one fictitious column, 
connected by means of axially-rigid links to the rest of the frame. Some 
previous studies reported on concentrically braced frames suggest that using 
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three fictitious columns to represent typical gravity columns in the building 
(inside, outside and corner columns) may yield less conservative results. 
• The potential for dynamic instability that can develop at the upper storeys 
caused by long-duration strong ground motions with large pulse-type input. The 
present study included limited number of ground motions of this type, which 
resulted in very high values of response parameters for all structures. 
• Further experimental testing is also necessary to verify the seismic response 
obtained thought the analytical studies. 
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APPENDIX A Calculation of the storey loads 
Gravity Load Calculation: 
Roof Load: (in Montreal region) 
Live load: Snow load Ss = 2.6 kPa (1.8 kPa in Vancouver 
region) 
Associated Rain load, Sr = 0.4 kPa 
Roof Dead load + Steel allowance (20 ton for roof) = 0.7 + 0.12 = 0.82 
kPa 
Live load: S= 25% x (2.6 x 0.8 + 0.4) = 0.62 kPa 
Floor Load: (65mm concrete floor on 75mm composite steel floor) 
Live load: 2.4 kN/m2 (reduced according to tributary area) 
3.6 kN/m2 (for braced core area which is assumed to serve as 
equipment area) 
Dead load: 4.5 kN/m2 (including partitions) 
Curtain wall weight: 1 kN/m2 
Exterior wall weight of each storey: 
1st storey =664.2 kN 
Typical storey =599.4 kN 
Roof =299.7 kN 
Total weight of each floor: 
1st storey =7954.2 kN (Assume steel weight included in 4.5 kPa) 
Typical storey =7889.4 kN (Assume steel weight included in 4.5 kPa) 
Roof =2632.5 kN (include 20 tons steel weight and 25%snow) 
Roof (in Vancouver region) =2293 kN 
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APPENDIX B Calculation of the seismic force amplification due to accidental torsion 
The seismic frames resisting systems is oriented after two orthogonal axes; it has two 
identical EBF in each of the principal directions that are symmetrically positioned in the 
plan, thus the building can be considered regular with the center of mass (CM) identical 
to the center of rigidity (CR) of the building. CM = CR 
Accidental torsion ex=±0.1 Dnx=4.5m (Dnx=45m) 
Calculation of the force from accidental torsion: 
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For the calculation of the seismic force amplification due to accidental torsion a 
rounded percentage equal to 7% will be used in the design. 
APPENDIX C Additional NLTHA results 
Additional results from non linear time histories that are not presented as a part of Chapter 5, but are referred there. 

















All records (20) 
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Table C.2 Maximum link overstrength factor 14 storey frame in Montreal 
Artificial Artificial 
records(5)-short records(5)-long Artificial 
distance distance records(lO) 
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Inelastic accumulated rotation, 


























































































































V12 V13 V14 V15 V16 V17 V18 V19 V20 
O 
Table CIO Accumulated time for the inelastic incursions in braces (14 storeys Vancouver)-historical records 
Storey V l l V12 V13 V14 V15 V16 V17 V18 V19 V20 
14 _ _ _ _ _ _ _ _ _ _ 
1 - 0.04 - 0.08 0.05 - 0.51 0.20 - 0.89 
K> 
Table C.ll Number of inelastic incursions in the braces (14 storeys Vancouver)-artificial records 
Storey W61 W62 W63 W64 W65 W66 W77 W78 W79 W70 
13 _ _ _ _ _ _ _ _ _ _ 
10 - - - - - - - - - -
6 _ _ _ 1 _ _ _ _ _ _ 
5 _ _ _ 1 _ _ _ _ _ _ 
4 _ _ _ 1 _ _ _ _ _ _ 
1 - - 1 3 - 1 3 6 - -
Table C.12 Accumulated time for the inelastic incursions in braces (14 storeys Vancouver)-artificial records 
Storey W61 W62 W63 W64 W65 W66 W77 W78 W79 W70 
14 _ _ _ _ _ _ _ _ _ _ 
13 _ _ _ _ _ _ _ _ _ _ 
12 - - - - - - - - - -
10 - - - - - - - - - -
6 - - - 0.08 - - -
5 - - - 0.13 _ _ _ _ _ _ 
4 - - - 0.13 - - - _ _ _ 
1 - - 0.07 0.63 - 0.18 0.52 1.34 
is) 
Table C.13 Number of inelastic incursions in the braces (20 storeys Vancouver)-historical records 


























Table C.14 Accumulated time for the inelastic incursions in braces (20 storeys Vancouver)-historical records 









































































































Table C.16 Accumulated time for the inelastic incursions in braces (20 storeys Vancouver)-artificial records 
Storey W61 W62 W63 W64 W65 W66 W77 W78 W79 
20 - - - - - - - - -
19 _ _ _ _ _ _ _ _ _ 
1 8 - - -
16 - - - - - - - - -
15 - - - - - - 0.03 
13 0.38 - - 0.52 0.10 
12 0.41 - - 0.20 0.07 
10 - - - - - - - - -
8 - - - 0.24 - - 0.07 0.35 
7 - - - 0.13 - - 0.07 0.11 
1 - - 0.08 0.22 - - 0.39 0.53 
Table C.17 Number of inelastic incursions in the braces (25 storeys Vancouver)-historical records 
Storey VI1 V12 V13 V14 V15 V16 V17 V18 V19 V20 
25 - - - - - - - - - -
23 - - - - - - - - - -
22 - - - - - - - - - -
20 - - - - - - - - - -
18 _ _ _ _ _ _ _ _ _ _ 
13 _ _ _ _ _ _ _ _ _ _ 
12 - - - - - - - - - -
10 - - - - - - - - - -
3 _ _ _ _ _ _ _ _ _ 1 
0 0 
Table C.18 Accumulated time for the inelastic incursions in braces (25 storeys Vancouver)-historical records 
Storey VI1 V12 V13 V14 V15 V16 V17 V18 V19 V20 
25 _ _ _ _ _ _ _ _ _ _ 
24 _ _ _ _ _ _ _ _ _ _ 
23 _ _ _ _ _ _ _ _ _ _ 
22 _ _ - _ - _ _ _ _ _ 
21 _ _ _ _ _ _ _ _ _ _ 
20 _ _ _ _ _ _ _ _ _ _ 
19 _ _ _ _ _ _ _ _ _ _ 
18 _ _ _ _ _ _ _ _ _ _ 
17 _ _ _ _ _ _ _ _ _ _ 
16 _ _ _ _ _ _ _ _ _ _ 
15 _ _ _ _ _ _ _ _ _ _ 
14 _ _ _ _ _ _ _ _ _ _ 
13 _ _ _ _ _ _ _ _ _ _ 
12 _ _ _ _ _ _ _ _ _ _ 
11 _ _ _ _ _ _ _ _ _ _ 
10 _ _ _ _ _ _ _ _ _ _ 
9 _ _ _ _ _ _ _ _ _ _ 
8 _ _ _ _ _ _ _ _ _ _ 
7 _ _ _ _ _ _ _ _ _ _ 
6 _ _ _ _ _ _ _ _ _ _ 
5 _ _ _ _ _ _ _ _ _ _ 
4 _ _ _ _ _ _ _ _ _ _ 
3 _ _ - _ _ - _ _ _ 0.32 
2 _ _ _ _ _ _ _ _ _ 0.24 
1 _ _ _ _ _ _ _ _ _ 0.02 
Table C.19 Number of inelastic incursions in the braces (25 storeys Vancouver)-artificial records 
Storey W61 W62 W63 W64 W65 W66 W77 W78 W79 W70 
25 _ _ _ _ _ _ _ _ _ _ 
24 _ _ _ _ _ _ _ _ _ _ 
23 _ _ _ _ _ _ _ _ _ _ 
22 - - - - - - - - - -
21 _ _ _ _ _ _ _ _ _ _ 
20 - - - - - - - - - - -
19 _ _ _ _ _ _ _ _ _ _ 
18 _ _ _ _ _ _ _ _ _ _ 
17 _ _ _ _ _ _ _ _ _ _ 
16 _ _ _ _ _ _ _ _ _ _ 
15 _ _ _ _ _ _ _ _ _ _ 
14 _ _ _ _ _ _ _ _ _ _ 
13 _ _ _ _ _ _ _ _ _ _ 
12 _ _ _ _ _ _ _ _ _ _ 
11 _ _ _ _ _ _ _ _ _ _ 
10 _ _ _ _ _ _ _ _ _ _ 
9 _ _ _ _ _ _ _ _ _ _ 
8 _ _ _ _ _ _ _ _ _ _ 
7 _ _ _ _ _ _ _ _ _ _ 
6 _ _ _ _ _ _ _ _ _ _ 
5 _ _ _ _ _ _ _ _ _ _ 
4 _ _ _ _ _ _ _ _ _ _ 
2 _ _ _ _ _ _ _ _ _ _ 
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V12 V13 V14 V15 V16 V17 V18 V19 V20 
- 1 2 - - - - - -
_ _ 24 - - - - - -
to 
Table C.22 Accumulated time for the inelastic incursions in columns (14 storeys Vancouver)-historical records 
Storey VI1 V12 V13 V14 V15 V16 V17 V18 V19 V20 
14 _ _ _ _ _ _ _ _ _ _ 
13 - - 0.09 0.16 _ _ _ _ 
12 - - - - - - - - - -
11 11.47 - - - - - -
9 - - 0.11 - 0.11 - - 0.20 
Table C.23 Number of inelastic incursions in the columns (14 storeys Vancouver)-artificial records 
Storey W61 W62 W63 W64 W65 W66 W77 W78 W79 W70 
14 _ _ _ _ _ _ _ _ _ _ 
12 - - - - - - - - - -
10 - - - - - - - - - -
9 _ _ _ 1 _ _ _ _ _ _ 
7 - - - 1 - - - 1 - -
•4^ 
Table C.24 Accumulated time for the inelastic incursions in columns (14 storeys Vancouver)-artificial records 
Storey W61 W62 W63 W64 W65 W66 W77 W78 W79 W70 
14 _ _ _ _ _ _ _ _ _ _ 
12 - - - - - - - - - -
9 - - - 0.71 - - - - - -
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